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Curved bridges are constructed to conform to geometric constraints resulting from 
traffic and structural restrictions. They are different from their straight counterparts since 
the response coupling in the longitudinal and transverse directions and rotation of the 
superstructure may lead to significantly different seismic response. Observations from 
past earthquakes highlighted the seismic vulnerability of these bridges due to this coupled 
response. The consequence of bridge damage on the performance of transportation 
system is commonly assessed through Seismic Risk Assessment (SRA) of lifeline 
systems. Thus, seismic fragility curves are essential input to SRA to estimate damage to 
highway bridges and consequently to the network. The literature review shows 
shortcomings in fragility studies on the effect of horizontal curvature of bridges, 
specifically concrete box-girder bridges. This study aims to fill in the gap on the current 
state-of-the-knowledge in the seismic response and vulnerability of curved concrete box-
girder bridges. 
Since this bridge type is common in California, the modern details adopted by 
CALTRANS along with the current seismic design considerations from SDC (2013) are 
used to select the representative benchmark bridges. To incorporate the uncertainty in 
geometrical, structural, and material properties of bridges into the analytical models, five 
sets of statistical bridge samples (each includes 160 bridges) with various subtended 
angles are developed. These bridge models are subjected to four sets of ground motions 
representing different site soil conditions and spectral characteristics. A total of 800 
response history analyses are performed and the results are used to develop analytical 
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component and system fragility functions for a range of subtended angles. A 
comprehensive study on the effect of horizontal curvature on the bridge dynamic 
characteristics and component seismic response is conducted. 
The median of system (bridge) fragility curves are proposed as a function of the 
subtended angle for each ground motion set. These functions can be used as input into 
SRA tools. The fragility analysis shows that the seismic vulnerability of bridges depends 
on the soil condition of the site and ground motion characteristics as well as the 
horizontal curvature of the bridge. Columns are found to have the most significant 
contribution to the system fragility curves. The analyses confirm that the current seismic 
details including PTFE/spherical bearings and isolated shear keys, suggested by 
CALTRANS, achieve the objectives of capacity-protected design of piles. Since the 
dynamic characteristics of bridges are sensitive to the curvature, curved bridges with 
subtended angles greater than 30 degrees require explicit modeling of curved geometry. 
In curved bridges, the coupling of transverse and longitudinal modes reduces the 
dominance of the fundamental mode in the bridge response and leads to the contribution 
of higher modes. The statistical evaluation of structural demands indicates that the 
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Chapter 1: Introduction  
1.1. Problem Description and Motivation 
Modern transportation network takes advantage of curved bridges (bridges with 
horizontal curvature) to overcome traffic and structural limitations, augment the aesthetic 
design, and facilitate the traffic transition (Itani, et al., 2000). However, curved bridges 
are different from their straight counterparts since the interactions among bridge 
components and rotation of the superstructure may lead to significantly different 
behavior, even under service conditions (Nutt, et al., 2008). This study discusses 
analytical modelling, dynamic analyses, seismic performance, and analytical evaluation 
of these bridges. 
Curved bridges may be constructed of reinforced concrete, prestressed concrete, steel, 
or composite concrete deck on steel I- or box-girders. Curved concrete box-girder bridges 
are the preferred type of highway bridges in California due to their torsional stiffness and 
seismic resistance. While the number of horizontally curved concrete box-girder bridges 
has been increasing steadily, their seismic response characteristics have not been fully 
investigated. As evidenced in by past seismic events, many curved concrete box-girder 
bridges were damaged after earthquakes, i.e. 1971 San Fernando - South Connector 
Overcrossing (Tseng, et al., 1975), 1994 Northridge - SR14/I-5 North Connector 
Overcrossing (Buckle, 1994) , and 2008 Wenchuan earthquakes - Baihua Bridge 
(Kawashima, et al., 2009).  
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Earthquake damage shows that bridges, particularly curved, are vulnerable 
components of transportation systems. Damage to these bridges can result in widespread 
disruption of the overall operational of highway networks, interruption of the post-
earthquake emergency response, and significant impacts on the recovery activities and 
region’s economy. The consequence of bridge damage on the performance of 
transportation system in the pre-earthquake planning or in the aftermath of an earthquake 
is commonly assessed by economic losses and closure time through Seismic Risk 
Assessment (SRA) of lifeline systems. SRA provides a means to evaluate structural 
performance, vulnerability and impact on the society due to damage to transportation 
systems. It has been widely used by many professional engineers and researchers to 
enhance the design and prioritize the retrofit of transportation network (pre-earthquake 
planning) as well as to measure the seismic performance of network in terms of 
congestion, maximum delay times, and minimum restoration times (post-earthquake 
planning). Seismic fragility curves are tools to characterize the probabilistic seismic 
performance and to estimate damage to highway bridges and consequently to the network 
that allow the predictions of economic loss and restoration time.  
Fragility curves are increasingly used in probabilistic seismic risk assessment of 
highway bridges. Seismic fragility curves are conditional probability statements that 
demonstrate the likelihood of a seismic demand on a structure reaching or exceeding a 
specified level of capacity for a specific intensity measure, where intensity measure is 
representative of the ground motion characteristics. Since they are implemented in SRA 
as essential input, it is crucial to develop reliable fragility curves for the components of 
highway transportation systems.  
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Fragility curves can be developed using expert opinion (experiential) (ATC, 1985), 
observed post-earthquake surveys (empirical) (Basoz, et al., 1998), and analytical 
methods (analytical) (Mander, et al., 1999). Experiential fragility curves highly depend 
on expertise and experience of the individuals, while empirical fragility curves encounter 
lack of sufficient damage data from earthquakes. Advances in modeling capabilities in 
addition to the drawbacks of experiential and empirical fragility curves lead to extensive 
studies on the analytical methods for developing the fragility curves. Various techniques 
are recommended, including elastic response spectrum analysis (RSA), nonlinear static 
procedure (NSP), nonlinear response history analysis (NRHA), and incremental dynamic 
analysis (IDA) to develop the analytical fragility curves. Nonlinear response history 
analysis is recognized as a good method to develop fragility curves and has been adopted 
by many researchers (Mackie, et al., 2005; Nielson, et al., 2007; Padgett, et al., 2008a; 
Ramanathan, et al., 2010; Celik, et al., 2010; Kaviani, et al., 2012; Zakeri, et al., 2013; 
AmiriHormozaki, et al., 2014; Ramanathan, et al., 2015). Thus, the current study 
implements NRHA to develop fragility curves for curved concrete box-girder bridges.  
Analytical fragility curves of bridges are intended to investigate the seismic 
performance of as-built bridges over different design eras (e.g. Ramanathan, et al., 2015) 
or to evaluate various retrofit strategies for bridge retrofit programs (e.g. Padgett, et al., 
2008a). However, major changes in the seismic design philosophy evolve the design 
attributes and details that should be taken into consideration in developing the fragility 
curves. In addition, the seismic response of bridges is highly dependent on the structural 
configuration, such as horizontal curvature (AmiriHormozaki, et al., 2014). Hence, it is 
vital to incorporate the effect of horizontal curvature in the seismic vulnerability in order 
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to provide reliable fragility curves for implementing in seismic risk assessment tools. 
This fact has been disregarded in the hazard tools. Moreover, to achieve more detailed 
seismic assessment of bridges, one must account for the variability of the spectral 
characteristics of ground motions as well as the soil condition of bridge sites (Kaviani, et 
al., 2012). 
There are limited numbers of studies on fragility curve development of recently 
designed curved concrete box-girder bridges, in which the new design attributes and 
details have been involved. It reveals the need for better insight into the seismic 
performance of this bridge type. Therefore, this study investigates the seismic 
vulnerability of reinforced concrete box-girder bridges and evaluates the effect of 
horizontal curvature on their seismic performance. 
1.2. Research Objectives and Scope 
The research objectives of this study are: 1) to develop fragility relationships for 
horizontally curved concrete box-girder bridges and 2) to understand the seismic 
response of curved box-girder highway bridges designed according to current 
CALTRANS Seismic Design Criteria. The intent of this investigation is to provide 
information for seismic risk assessment tools as well as bridge designers. The scope of 
this investigation can be summarized as:  
1- Perform a review of the National Bridge Inventory (NBI, 2013) for California 
highway bridges to assess the major geometric parameters of box-girder bridges to 
establish representative benchmark bridges. 
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2- Develop detailed three-dimensional nonlinear computational models of bridges 
including thorough modeling of bridge components. 
3- Propose a modified approach to analytically model the new details at abutments.  
4- Include the inherent uncertain parameters (e.g. material properties etc.) in the 
probabilistic assessment of bridge performance.  
5- Conduct extensive response history analyses of probabilistic bridge models and 
investigate the trends in the demand parameters. 
6- Identify the dependence of the fragility curves on soil condition and spectral 
characteristics of the ground motion sets. 
7- Develop a refined set of component and system level fragility curves for various 
subtended angles and ground motion sets.  
8- Determine if the new details at abutment enhance the bridge performance.  
9- Explore the component and system fragility curves to identify the sensitivity of 
each component to either subtended angle or ground motion characteristics. 
10- Conduct a comprehensive study on the effect of horizontal curvature on the 
bridge modal characteristics and component seismic responses. 
1.3. Dissertation Outline 
This dissertation includes eight chapters with the following contents: 
Chapter 2 presents literature review on the seismic performance and design of curved 
bridges, specifically curved concrete box-girder bridges. It also provides the common 
ranges for the major geometric parameters (e.g. span length and deck width) of concrete 
6 
 
box-girder bridges. Afterwards, a series of bridges is generated to represent benchmark 
bridges.  
Chapter 3 describes the properties of grillage model for box-girder bridges. This 
modeling technique will be used to capture the response characteristics of highway 
bridges with various subtended angles. 
Chapter 4 provides details about modeling of various bridge components: single-
column bents and seat-type abutments including gaps, bearings, shear keys, abutment 
backfill soil, and piles. Three-dimensional nonlinear computational models of bridges are 
also presented. Examples of component cyclic responses in curved bridges are presented 
to provide insight into the analytical model. 
Chapter 5 describes the framework for the development of analytical fragility 
functions. The sources of uncertainties in the probabilistic seismic demand model are 
identified and included in the analytical bridge modeling. The capacity of the bridge 
components is described and then is mapped in the system level (bridge) limit states. 
Chapter 6 presents the components and system fragility curves for various subtended 
angles. The component responses are investigated to assess the effect of subtended angles 
and ground motion characteristics. The impact of new details at abutment on the seismic 
performance of bridges is also investigated. In addition, the importance of soil condition 
and spectral characteristics of ground motions in the fragility analysis are discussed. The 
median of system fragility curves with specific dispersions are proposed as a function of 
subtended angle and ground motion set. These curves are useful to find the fragility 
parameters of a curved bridge with the specific subtended angle. 
7 
 
Chapter 7 investigates the effect of horizontal curvature on the dynamic properties of 
curved bridges. Modal characteristics (periods of vibrations and modal mass participation 
factor) are discussed and compared to the dynamic properties of straight box-girder 






Chapter 2: Curved Concrete Box-Girder Bridges in 
Seismic Zones 
2.1. Introduction 
Since the 1989 Loma Prieta earthquake in California, extensive research has been 
conducted on seismic design and retrofit of bridges in the United States, especially in 
California (Duan, et al., 2003). The studies led to a significant evolution in bridge seismic 
design and detailing in the last several decades. Recently, California Department of 
Transportation (CALTRANS) has started using novel design methods and innovative 
details, including seismic detailing in columns, joint details, hinge restrainers, isolated 
shear keys, PTFE/spherical bearings, etc. in their bridge design. Since improved 
structural details and configurations are being constantly used in bridges, an up-to-date 
insight into the seismic performance of these bridges is warranted. 
Seismic Risk Assessment (SRA) of transportation system can be used to evaluate the 
seismic vulnerability and losses due to extreme events such as earthquakes (Basoz, et al., 
1996). An emerging tool in assessing the seismic vulnerability of highway bridges is the 
use of fragility curves. Fragility curves can also be used for prioritizing retrofit, pre-
earthquake planning, and post-earthquake loss estimation tools. Therefore, reliable 
fragility curves for highway bridges are essential for the SRA to allow the prediction of 
economic loss and restoration time. Most fragility curves developed for bridges are 
intended to investigate the seismic performance of as-built bridges (Nielson, et al., 2007; 
Ramanathan, et al., 2010) over different design eras. However, the fragility curves for the 
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various types and classes of bridges often require update due to major changes in the 
seismic design and practice. In addition, the seismic response of the bridge is highly 
dependent on the structural configuration. Hence, it is vital to consider various bridge 
configurations to perform a comprehensive seismic vulnerability assessment. 
The literature survey on curved bridges presented herein deals with damage 
observation in past earthquakes, design specifications in guidelines, seismic response, 
and fragility studies. Since this study is focused on curved continuous reinforced concrete 
box-girder bridges that are common in California (Tondini, et al., 2012), the bridge 
seismic design practice in California is reviewed. Accordingly, the current details 
recommended by CALTRANS along with the current seismic design considerations from 
SDC (2013) are used. To account for the variability of geometric properties within the 
selected bridge class, a series of geometric benchmark bridges has been generated and 
will be discussed in this chapter.  
2.2. Literature Review on the Seismic Response of Curved Bridges 
 Damage Observation in Past Earthquakes 
Bridge damage not only result in direct losses, but may also cause indirect social and 
economic impacts. Direct costs describe the required time (cost) of bridge repair to 
restore the previous functionality, while the indirect costs are defined as post-earthquake 
operational state of the bridge (Mackie, et al., 2005). Lane closures, reduction in traffic 
volume, or complete bridge closure are examples of indirect losses. If bridges are 
damaged in an earthquake event, it may lead to traffic disruption of the overall highway 
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system for an extended period of time with significant impacts on the region’s economy. 
Even if the bridge does not collapse after the earthquake, a temporary closure of the 
bridge for inspection will cause some disturbance in traffic flow (etc. travel time and 
traffic volume) that is not desired after a natural hazard. Superstructure unseating, column 
shear failure, joint shear failure, footing failure, restrainer failure, and inadequate column 
flexural capacity are some types of damage that led to bridge closure in past earthquake 
events. Although similar damages were observed in curved bridges compared to straight 
bridges, the seismic behavior of curved bridges involves additional considerations for the 
potential of more damage.  
During the San Fernando earthquake (𝑀𝑤 = 6.4) on February 1971, the 5/14 South 
Connector Overcrossing along Interstate 5 and California SR14 interchange, which was a 
curved nine-span reinforced concrete highway bridge with diaphragm abutment, 
collapsed (Tseng, et al., 1975). The superstructure was divided into five segments with 
four expansion joints. The longitudinal restrainer systems consisting of tie bars and initial 
joint gap were used in the expansion joints (Figure 2-1). According to the damage survey, 
large amplitude structural vibrations during the earthquake initiated the longitudinal deck 
separation at expansion joint 2. The longitudinal displacement followed by the yielding 
and failure of the longitudinal restrainer bars at the joint and caused span four to fall off 





Figure 2-1- The structural system of the 5/14 south connector overcrossing (Tseng, et al., 1975) 
During Northridge earthquake in 1994 (𝑀𝑤 = 6.7), seven major highway bridges 
collapsed and 157 bridges suffered from heavy damages (Moehle, 1994; Seible, et al., 
1997). Two out of seven collapsed bridges had curved alignment in the horizontal plane. 
These curved bridges were the parts of State Route 14/Interstate 5 interchange, namely 
Southbound Separation and Overhead Ramp and North Connector Overcrossing Ramp 
(Figure 2-2). They were designed before 1971 and constructed after 1971. Hence, lessons 
learned from the 1971 San Fernando earthquake had been implemented in their redesign.  
The southbound SR14/I-5 Separation and Overhead structure was a 10-span curved 
concrete box-girder bridge with seat-type abutment and single column bent. The structure 
was constructed in five segments with four intermediate expansion joints. It was under 
construction at the time of the 1971 San Fernando earthquake (Moehle, 1994; Buckle, 
1994). Most of the damage to the superstructure was the result of falsework settlement. In 
the Northridge earthquake, the observed damage included collapse of spans 1, 2, and 3, 
crushing of pier 2, and shearing off of pier 3 through the superstructure. The modes of 
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failure were primarily due to seat loss at in-span hinge 1 and non-ductile failure of pier 2 
(Buckle, 1994).  
 
Figure 2-2- (a) SR14/I-5 interchange, (b) SR14/I-5 separation and overhead (southbound), (c) 









The SR14/I-5 North Connector Overcrossing was a curved concrete box-girder 
structure with 10 spans, seat-type abutment, and single column bent. The bridge consisted 
of five segments with four intermediate hinges. In the Northridge earthquake, the frame 
between abutment 1 and pier 3 collapsed and pier 2 was completely crushed. The 
collapse appeared to have been initiated by the failure of pier 2 (Moehle, 1994) because 
of its short height and consequently large stiffness. After the failure of pier 2, the simply 
supported span between abutment 1 and the first hinge collapsed.  
Damage to highway bridges was obsereved and reported during the 2008 Wenchuan, 
China earthquake with 𝑀𝑤 = 8.0 (Kawashima, et al., 2009; Qiang, et al., 2009; Yen, et 
al., 2011; Sun, et al., 2012). Qiang, et al. (2009) noted that curved bridges, especially 
with high pier columns, exhibited complex dynamic behavior when they were subjected 
to vertical and horizontal ground motions simultaneously. It was suggested that the mass 
eccentricity might have caused more problems by generating additional bending moments 
and torsional effect. 
Baihua Bridge was an 18-span RC structure with straight and curved segments 
(Figure 2-3). The spans of the curved segment were supported by tall two-column bent 
and lateral beam that provided the lateral restraint between the columns. There were five 
intermediate expansion joints at the bents and two exterior joints at two seat-type 
abutments. At both ends of each segment, the bridge superstructure rested on the bent cap 
beam, while the intermediate piers did not have any cap beam. During the earthquake, 
various degrees of damage were observed including the complete collapse of the four-
span continuous curved section. The possible failure mechanisms were reported as 
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follows (Kawashima, et al., 2009): the transverse displacement of the bridge caused the 
detachment of the lateral beam from the columns at the joints due to inadequate lateral 
confinement. The damage followed by the deterioration of the continuity of the piers. 
Capacity degradation at the connection of the column and lateral beam in larger drift 
could result in the collapse of the bridge. The other possible failure mechanism was 
dislodgment of the girders from the seat in the longitudinal direction. The dislodgment 
occurred since the girders were supported by the rubber pad without any special 
connection and the seat length was insufficient. Kawashima, et al. (2009) noted that 
damage occurred at the curved section could be developed by the complicated response 
of the curved alignment.  
 
Figure 2-3- Schematic of Baihua Bridge before the earthquake and column shear and flexural 
failure at bent 15 (Yen, et al., 2011) 
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The Hulian interchange consisted of a viaduct and four horizontally circular ramp 
bridges with continuous concrete box-girders (Figure 2-4). The ramps were supported on 
the circular reinforced concrete columns with low transverse volumetric ratios. Some of 
the columns were fixed at their top to the box-girder and others were connected to the 
superstructure via rubber bearings. During Wenchuan earthquake, flexural-shear failure 
in the circumferential direction of the short columns in the ramp bridge, including 
crushing of the concrete core, buckling of the longitudinal reinforcements, and rupturing 
of the transverse hoops, occurred at the top of the pier. The column failure led to fracture 
at the bottom of the box-girder. The low confinement of the column might be one of the 
major causes of damage to the columns, which were fixed at the top. The large uplift of 
the deck at the abutment resulted in damage to the rubber bearings under the box-girder 
and separation of the abutment and box-girder.  
 (a) (b) 
Figure 2-4- (a) Schematic plan view of Hulian interchange (Qiang, et al., 2009), (b) Example of 
pier failure (Sun, et al., 2012) 
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 Design Specifications in Codes and Guidelines 
The design and construction of horizontally curved steel girder highway bridges was 
subjected to investigation by AASHTO (American Association of State Highway and 
Transportation Officials) and FWHA in the late 1980’s that led to “AASHTO Guide 
Specifications for Horizontally Curved Highway Bridges” in 1980. NCHRP Project 12-
38, “Improved Design Specifications for Horizontally Curved Steel Girder Highway 
Bridges,” (1999) (Yoo, et al., 1999) provided Load Factor Design (LFD) and construction 
specifications that addressed the problems associated with the design and construction of 
these structures. The design specifications presented in NCHRP Project 12-52 (Kulicki, 
et al., 2006) have been adopted by AASHTO and are included in the 2005 Interims to the 
third edition of the AASHTO LRFD Bridge Design Specifications.  
The guide specifications for design and construction of segmental concrete bridges 
was initially published by AASHTO (1999) along with the Standard Specifications for 
Highway Bridges. Subsequently, NCHRP Project 12-71 (Nutt, et al., 2008) provided 
specifications, commentary, and examples for the design of horizontally curved concrete 
box-girder bridges. The focus of the study was on the local and the global force effects 
that provided the basis for revisions in AASHTO LRFD Bridge Design Specifications 
(2010). NCHRP Project 12-52 and NCHRP Project 12-71 mostly concerned about the 
bridge response to the basic load components of highway bridges, namely dead load, live 
load (static and dynamic forces produced by vehicles moving on a bridge), environmental 
load (e.g. temperature), and pre-stressing forces in the concrete bridges. The global and 
local effects produced by the seismic forces have not been investigated by these reports. 
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In fact, neither the AASHTO Bridge Specifications nor the NCHRP projects did 
adequately address the issues associated with the seismic performance of the horizontally 
curved concrete box-girder bridges, such as bearing uplift and cracked diaphragms and 
piers. 
In the recent AASHTO LRFD Bridge Design Specifications (AASHTO, 2012) the 
minimum analysis requirements for dynamic analysis, specifically analysis for 
earthquake loads, is determined based on the bridge regularity. Number of spans, 
maximum subtended angle for a curved bridge, maximum span length ratio from span to 
span, and maximum pier/bent stiffness ratio from span to span (excluding abutments) are 
the parameters that contribute to definition of the regular bridge (Table 2-1). Any bridge 
not satisfying the requirements is considered to be irregular. For curved continuous-girder 
bridges in particular, AASHTO (2012) suggests that it may be analyzed as if they were 
straight, provided all the following requirements are satisfied: 
 The bridge is regular as defined in Table 2-1, except that for a two-span bridge the 
maximum span length ratio from span to span must not exceed 2; 
 The subtended angle in plan is not greater than 90 degrees; and 
 The span lengths of the equivalent straight bridge are equal to the arc lengths of the 
curved bridge. 
Figure 2-5 shows the schematic definition of subtended angle; span length of the 
straight bridge and of the curved bridge; and the condition when the straight and curved 




Table 2-1- Regular bridge requirements (AASHTO, 2012) 
Parameters Value 
Number of spans  2 3 4 5 6 
Maximum subtended angle for a curved bridge 90° 90° 90° 90° 90° 
Maximum span length ratio from span to span  3 2 2 1.5 1.5 
Maximum bent/pier stiffness ratio from span to span, 
excluding abutments 
― 4 4 3 2 
 
 
Figure 2-5- Schematic of the subtended angle and equivalent straight and curved bridges 
If these requirements are not satisfied, then curved continuous-girder bridges must be 
analyzed using the actual curved geometry. AASHTO Guide Specifications for LRFD 






Bridge arc length 






descriptions similar to AASHTO (2012). The only discrepancy between the two codes is 
the maximum allowable subtended angle to consider the curved bridge as a straight 
bridge, which is 30 degrees in AASHTO (2011). According to AASHTO (2011), for 
ordinary irregular bridges, linear dynamic analysis is required, while nonlinear response 
history analyses should be generally used for critical/essential bridges. 
Seismic Design Criteria (SDC, 2013) classifies a bridge as an ordinary standard 
bridge if it meets the following requirements:  
 Each span length is less than 300 feet; 
 Bridges with single superstructures on either a horizontally curved, vertically 
curved, or straight alignment; 
 Constructed with precast or cast-in-place concrete girder, concrete slab 
superstructure on pile extensions, etc. which are supported on reinforced concrete 
substructure elements; 
 Bridges with dropped bent caps or integral bent caps; 
 Fundamental period of the bridge system is greater than or equal to 0.7 seconds in 
the transverse and longitudinal directions of the bridge. 
Bridges not meeting these requirements or features may be classified as either 
Ordinary Non-standard, or Important bridges and require project-specific design criteria 
which are beyond the scope of the SDC. 
Equivalent static analysis (ESA) and linear elastic dynamic analysis (EDA) are 
appropriate analytical tools for estimating the displacement demands for Ordinary 
Standard bridges (SDC, 2013). When the response can be captured by a predominant 
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translational mode of vibration, ESA is recommended. Structures with balanced spans 
and uniformly distributed stiffness are placed in this category. EDA is used to estimate 
the displacement demands for structures where ESA does not provide an adequate level 
of sophistication to estimate the dynamic behavior. Sources of nonlinear response that 
cannot be captured by EDA include the effects of the surrounding soil, yielding of 
structural components, opening and closing of expansion joints, and nonlinear restrainer 
and abutment behavior.  
According to SDC (2013), bridge systems with irregular geometry such as curved 
bridges and skew bridges, bridges with multiple transverse expansion joints, massive 
substructures components, and foundations supported by soft soil can exhibit dynamic 
response characteristics that are not necessarily obvious. Irregularities in geometry 
increase the likelihood of complex nonlinear response that cannot be accurately predicted 
by elastic modeling or plane frame inelastic static modeling.  
 Seismic Response of Curved Bridges  
Seismic behavior of curved bridges requires specific considerations as the 
longitudinal and transverse response coupling leads to complex distribution of forces 
among the various components. These interactions, in addition to the rotation of the 
superstructure, increase notably the seismic vulnerability. Hence, curved bridges exhibit 
different seismic behavior in comparison to straight bridges. Evaluation of dynamic 
response of curved bridges has been one of research interests from 1960’s. Most of the 
research studies have been related to basic dynamic response of bridges including free 
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vibration response and the dynamic response under moving loads (Heins, et al., 1972; 
Heins, et al., 1976; Li, et al., 1988; Senthilvasan, et al., 1997; Huang, 2001). 
Williams, et al. (1976) investigated the multidirectional seismic response of a curved 
highway bridge model using shake table testing of a scaled model. They identified the 
vulnerability of the curved bridge when responding in the symmetric mode (the excitation 
is orientated principally in the translational direction), in which torsional deformations 
are more pronounced. Torsional impact was the predominant damage in the ductile joint 
restrainers that provided the structural integrity of the bridge. The level of damage was 
dependent on the shear and bending strength of the hinge seat and shear key strength. 
Kawashima, et al. (1979) presented the correlation between analytical and experimental 
seismic responses of a curved bridge. The emphasis of the study was on the 
discontinuous behavior of expansion joints during the seismic excitation. This response 
had a controlling effect on the dynamic behavior of the bridge model under high intensity 
seismic excitations due to intense yielding of tie bars. In addition, the effect of vertical 
excitation on horizontal transverse response was relatively small because the vertical and 
horizontal modes were not sensitive to coupling.  
Abdel-Salam, et al. (1988) reported that response spectrum method failed to capture 
force levels in the curved bridges when the vibration modes with the relatively high 
frequencies were considered (compared to the response history analysis). Radius of 
curvature was determined as a compelling geometric parameter that changed the seismic 
response of curved bridges. Richardson, et al. (1993) applied large horizontal load to the 
superstructure of the curved bridge and quickly released, causing the bridge to vibrate. 
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Well-defined lateral, longitudinal, vertical and torsional vibration modes were identified 
from the test data. The vibration modes were used to verify an analytical model of the 
bridge's dynamic response. The first vibration mode of the bridge occurred in radial 
direction with frequency of 1.08 Hz (0.926 sec). Although expected because of the 
curved shape of the bridge, no evidence of significant coupling was observed between the 
horizontal and the vertical responses in either the measured or the analytical mode 
shapes. 
Sennah, et al. (2001) reviewed the development of current guide specifications for the 
design of the straight and curved box-girder bridges. The study highlighted the need for 
further research on the ultimate load distribution in straight and curved box-girder 
bridges. Mwafy, et al. (2007) studied a detailed seismic performance of a complex office-
designed curved bridge and compared it to the local and global behavior of the as-built 
bridge. The comparative study had indicated that the lateral capacity and dynamic 
characteristics of the as-designed bridge were significantly different from the as-built 
behavior. 
 Fragility Studies 
Recent research studies have attempted to assess the seismic vulnerability of the 
bridges using probabilistic based fragility curves. Mander, et al. (1999) summarized the 
theoretical basis of establishing fragility curves for highway bridges through the use of 
rapid analysis procedures. The method was introduced as the future approach for defining 
fragility curves in a Geographical Information System (GIS)-based risk assessment tool, 
named HAZUS. The study classified the standard bridge fragility curves under 
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conventionally designed bridges (Non-California and California) and seismically 
designed bridges. Mackie, et al. (2001) used the probabilistic seismic demand model to 
evaluate the performance levels of California highway overpass bridges designed 
according to CALTRANS Bridge Design Specification and Seismic Design Criteria. A 
portfolio of 80 ground motions recorded in California on NEHRP soil type D sites, with 
non-near-field characteristics was utilized for this purpose. 
Mackie, et al. (2004) developed the analytical and numerical formulation of fragility 
curves for single-bent reinforced concrete highway overpass bridges. Fragility curves 
were defined at the demand, damage, and decision variable levels. A system of graded 
decision criteria involving lane closures, reductions in traffic volume, or complete bridge 
closure that were useful for traffic network modeling was proposed and developed for the 
bridge-level decision variable. Yang, et al. (2009) developed the fragility curves for a 
typical California box-girder bridge based on an analytical bridge model, which was 
calibrated using responses recorded during the 1979 Imperial Valley earthquake. 
Nonlinear response history analysis of the bridge model was performed under typical 
non-near-fault California records. Analytical component fragility curves indicated that 
the transverse response at the abutments led to elevated vulnerability in the slight damage 
state and the column was found to be the most vulnerable component in the other damage 
states. 
A significant number of research studies have examined the performance of skew 
bridges under seismic loads. Kaviani, et al. (2012) found that shear key could play a 
major role in reducing the deck rotations. Hence, it could decrease the probability of 
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collapse in the concrete box-girder bridges (in California) with skew-angle and seat-type 
abutments. The results indicated that ground motions with high velocity pulses induced 
higher seismic demands in comparison to non-near fault motions. The global torsional 
stiffness, abutment skew, and column elevation of skewed bridges also significantly 
affected the seismic response of skew bridges.  
Abdel-Mohti, et al. (2013) developed the three-dimensional improved beam-stick 
models of two-span highway bridges with skew angles varying from 0° to 60° to 
investigate the seismic response characteristics of skew box-girder bridges. It was found 
that the performance of shear keys have a predominant effect on the overall seismic 
response of the skew bridges. Zakeri, et al. (2013) carried out the research on fragility 
analysis of skewed single-frame concrete box-girder bridges, considering their 
predominance in the western regions of the United States. The effect of skew angle on 
bridge seismic fragility was investigated for bridges with single- or two-column bents, 
integral or seat-type abutments, and minimal or significant levels of seismic design. For 
new bridges with seat-type abutments, the bridge skew angle had a significant effect on 
the component and system fragility for both single- and two-column bent bridges.  
 Seo, et al. (2010) presented a probabilistic-based approach to generate fragility 
curves for steel bridge structures subjected to low and moderate seismic events. The 
results demonstrated the vulnerability of the bearing in the radial direction. Mohseni, et 
al. (2011) evaluated the seismic behavior of an existing multi-span curved bridge with 
continuous steel composite girders subjected to generated ground motions for Mid-
American regions. The transverse and active deformation of abutments and column were 
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the most vulnerable components for slight damage state and higher damage levels, 
respectively. Seo, et al. (2013) used the Response Surface Meta-models (RSM) to 
generate system level fragilities for existing curved steel bridges located in Pennsylvania, 
New York and Maryland. System fragility curves highlighted the effect of number of 
spans, radius of curvature, and maximum span length on the seismic fragilities. 
AmiriHormozaki, et al. (2014) investigated the horizontally curved steel I-girder highway 
bridges with typical details commonly used in the US. The ground motions used in 
developing the fragility curves include real ground motions representing Western United 
States in addition to synthetic ground motions generated for Central and Southern US, 
such as Memphis. Bridges were categorized in two groups: seismically and non-
seismically designed bridges. For both groups, columns and bearings were found to be 
the most seismically vulnerable components. In addition, horizontal curvature was 
identified as the critical parameter that resulted in higher vulnerability, while HAZUZ-
MH (2011) did not account for it.  
Despite the extensive research in the area of seismic vulnerability of concrete box-
girder bridges with skew abutment and also curved steel bridges, there are only a few 
studies available on the seismic vulnerability of curved box-girder highway bridges. 
Tondini, et al. (2012) examined the seismic behavior of curved box-girder concrete 
highway overpass bridges commonly built in California. The comparison of column 
displacement ductility demands indicated that transverse column deformation ductility 
demands increased with a decrease of bridge superstructure radius. The conclusion 
highlighted the need for future work on the expanded bridge portfolio and improved 
finite element model of the bridge by including soil-structure interaction for abutments. 
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Limited number of studies on fragility curve development of curved concrete box-girder 
bridges shows the need for better insight into the seismic performance of this bridge type. 
2.3. Bridge Seismic Design Practice in California 
 Evolution of Seismic Design Criteria 
Bridges are designed for force effects due to collisions, earthquake, and settlement of 
the structure, in addition to traditional loads, such as self-weight and vehicular load. 
Generally, the design of the superstructure is controlled by the gravity loads, while the 
design of the substructure, including columns, is governed by lateral seismic force and 
deformation. In the early 20th century, the seismic forces resulting from earthquake were 
considered as the percentage of the deal load applied at the center of the mass in any 
direction. The effect of structural period on the applied seismic force incorporated into 
the elastic structural design of the bridge in 1960’s. Following the San Francisco 
earthquake in 1971, the first SDC was implemented into CALTRANS design practice, 
which was based on ductile design approach. It was assumed that ground motions would 
primarily lead to formation of plastic hinges in the bridge columns. Ductile performance 
is desired to prevent collapse and to ensure life safety. Each subsequent earthquake (e.g. 
1989 Loma Prieta and 1994 Northridge) provided additional lessons about seismic 
behavior of bridges in general. CALTRANS has been shifting toward a displacement-
based design approach that ensures a ductile failure mode in the column along with no-
damage in other components. In 1994, CALTRANS established the seismic performance 
criteria for ordinary and important bridges. These performance-based seismic design 
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criteria included site-specific acceleration response spectra and specific design 
procedures to reflect the desired performance of these structures. 
 Current Seismic Design 
Findings of the seismic behavior of bridges in the previous earthquakes have been 
reflected in the current design practice of bridges. To minimize the risk of unseating of 
the supported span, the number of the expansion joints is decreased and the minimum 
abutment support length is increased. In addition, the joint restrainers are used in the 
expansion joints. Large skew angle and high curvature in the horizontal plane are avoided 
to decrease the asymmetrical response of the bridge. For concrete bridges, structural 
bridge components are proportioned and designed to ensure that the inelastic damage 
occurs in the columns and abutments, while the other elements are capacity protected. 
The superstructure, footings, bent cap beams, and joints are designed to remain 
essentially elastic when the column reaches its overstrength capacity (SDC, 2013). 
Moreover, the column details are developed to provide desired ductility without strength 
degradation under several nonlinear cycles.  
 Current Seismic Details 
Consultations with CALTRANS design engineers (CALTRANS, 2012-2014) 
suggested two new details to be considered in this investigation: PTFE/Spherical bearings 
and isolated shear keys.  
PTFE/Spherical bearings are preferred in current seismic designs in lieu of the 
standard elastomeric bearing pads at seat-type abutment (CALTRANS, 2012-2014). The 
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typical pads remain elastic until about 100% shear strain and experience significant 
damage and tearing when subjected to over 300 to 350% shear strain (Ramanathan, 
2012). It results in concrete-to-concrete contact that affects the dynamic properties of the 
bridge and changes the seismic load path during an earthquake. However, the sole plate 
length in PTFE/Spherical bearing can be extended to avoid contact between the 
superstructure and stemwall. Polytetrafluoroethylene (PTFE) was first used in bridge 
bearings in the early 1960’s because of its low frictional coefficient (CALTRANS, 1994). 
PTFE spherical bearings utilize low friction PTFE sheet resin, in which the friction 
coefficient varies from 0.04 to 0.08. The friction coefficient depends on contact pressure, 
temperature, sliding speed, and the number of sliding cycles. The PTFE/Spherical 
bearings do not have any uplift resistance. In addition, these PTFE/Spherical bearings 
allow rotations about any horizontal axis by sliding along a spherically shaped interface 
on one side of the bearing. The sliding material is typically PTFE-based bonded to flat 
and concave surfaces. Flat and convex mating surfaces are typically stainless steel.  
Seat-type abutments are designed to resist transverse service load and small to 
moderate levels of ground motion elastically. In California bridges, the transverse shear 
keys are structural fuses at abutments used to control the damage in the stemwall and 
supporting piles during strong seismic event. SDC (2013) provides two types of shear 
keys, named isolated and non-isolated shear key. The non-isolated shear key is built 
monolithically with the abutment stem wall. All the vertical reinforcements are continued 
from the abutment stem wall and anchored into the shear key. The capacity of the non-
isolated shear key is determined by the shear friction design method (SDC, 2013). 
According to Bozorgzadeh, et al. (2006), the shear friction design method underestimates 
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the shear key capacity, leading to damage at the stem wall and supporting piles. 
Moreover, the mode of failure in non-isolated shear key is diagonal cracks at the interface 
of the shear key and stem wall that is propagated to the toe of the stem wall.  
In contrast to non-isolated shear key, the isolated shear key requires smooth 
construction joint at the shear key interfaces with the stemwall and backwall. Shear key 
vertical reinforcement is bundled in a single group and placed close to the center of the 
shear key. It is the only connection between the shear key and stem wall. There is no 
reinforcement to connect the shear key to the backwall. Because of this special detailing 
of the shear key, it performs as the structural fuse with sliding shear failure during the 
ground shaking. The capacity of the isolated shear key can be estimated to ensure that 
stem wall and supporting piles are not damaged during the earthquake. This type of shear 
key can be replaced and the cracks can be repaired after an earthquake.  
2.4. Bridge Inventory in California 
 Bridge Type 
The National Bridge Inventory (NBI, 2013) is a database compiled by the Federal 
Highway Administration with the purpose of having a unified database for bridges, 
including identification information, bridge types and specifications, operational 
conditions, geometric data and functional description, and inspection data. It also 
provides more thorough and detailed guidance in evaluating and coding specific bridge 
data. Every bridge is identified by a unique code consisting of 116 fields that provides 
information sufficient for a general classification of highway bridge classes. According to 
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NBI Coding Guide (1995), Field 43 indicates the type of structure for the main spans. 
Table 2-2 and Table 2-3 display the description of the kind of material and/or design and 
type of design and/or construction of the superstructure available in NBI.  
Table 2-2- Kind of material and/or design (NBI Coding Guide, 1995) 
Filed 43A Kind of material and/or design (description) 
1 Concrete 
2 Concrete continuous 
3 Steel 
4 Steel continuous 
5 Prestressed concrete * 
6 Prestressed concrete continuous * 
7 Wood or Timber 
8 Masonry 
9 Aluminum, Wrought Iron, or Cast Iron 
0 Other 
* Post-tensioned concrete should be coded as prestressed concrete. 
Table 2-3- Type of design and/or construction (NBI Coding Guide, 1995) 
Filed 43B Type of design and/or construction (description) 
01 Slab 
02 Stringer/Multi-beam or Girder 
03 Girder and Floorbeam System 
04 Tee Beam 
05 Box Beam or Girders - Multiple 
06 Box Beam or Girders - Single or Spread 
07 Frame (except frame culverts) 
08 Orthotropic 
09 Truss - Deck 
10 Truss - Thru 
11 Arch - Deck 
12 Arch - Thru 
13 Suspension 
14 Stayed Girder 
15 Movable - Lift 
16 Movable - Bascule 




19 Culvert (includes frame culverts) 
20 Mixed types 
21 Segmental Box-Girder 
22 Channel Beam 
00 Other 
A detailed analysis of the bridge inventory data in 2013 NBI for California shows that 
more than 80% of the bridges in this state were constructed using cast-in-place concrete 
(Type 1, 2, 5, 6 in Field 43A). Figure 2-6 presents the summary of distribution of bridges 
by construction type, after removing the tunnels and culverts from NBI database and 
combining the classes with less than 2% contribution in the inventory, such as truss-deck 
and arch-deck, as “other”. Box-girder bridges (Type 5 in Field 43B) account for about 
35% of the state inventory. 
 
Figure 2-6- Distribution of bridges in California 
Concrete box-girder bridges are further classified into two classes with respect to the 
number of frames and spans as follows: 1) single frame bridges with two, three, and four 
spans, and 2) multi-frame bridges (at least one in-span hinge) with five spans or more. 
The former group accounts for 85% of these bridges, while the latter accounts for 15% of 



















the predominant bridge class of California bridge inventory, single frame concrete box-
girder bridge with seat-type abutment is selected as the focus of the current study. 
 Bridge Statistics 
In order to develop fragility curves that are representative of a specific class of 
bridges, some generalizations must be considered before generating a series of 
benchmark bridges. According to personal communication with CALTRANS design 
engineers (CALTRANS, 2012-2014), the parameters that contribute to the selection of 
benchmark bridges are span length, deck width, column axial load index (𝑃/𝐴𝑔𝑓𝑐
′), and 
column height-to-diameter ratio. 
Inspection of the span length distribution in NBI database shows that more than half 
of the box-girder bridges have span lengths ranging from 100 ft to 200 ft. Therefore, three 
distinct values of 100 ft, 150 ft, and 200 ft are selected as the length of the longer span 
that is referred as “main span”. The length of the end span is usually taken as 0.75 of the 
length of the main span. This pattern leads to similar moment distribution (positive and 
negative) in different spans when the bridge is subjected to the dead load. The expansion 
joint is recommended for bridges longer than 400-600 ft. To develop the benchmark 
bridges without expansion joint, the number of span is limited to three and four (Figure 2-
7). When the length of the main span is 100 ft or 150 ft, it is assumed that the bridge is 4-
span, leading to 350 ft and 525 ft total bridge length. A 3-span configuration is assigned 




Connector bridges carry limited number of traffic lanes compared to highway bridges, 
thus only a single bent column is considered in the current study. This assumption limits 
the box-girder width to be either 25 ft with three longitudinal girders or 45 ft with four 
longitudinal girders. Theses configurations leads to different girder spacing and overhang 
length as summarized in Table 2-4 and Figure 2-8 with other geometric properties of the 
concrete box-girder superstructure. Thicknesses of deck, soffit, and girder are obtained 
from “Memo To Designers” 10-20 design tables (CALTRANS, 2008). The superstructure 
depth is assumed to be 4% of the main span length. 
 
Figure 2-7- Schematic plan of bridge length, main span length, and end span length 
Table 2-4- Geometric properties of the concrete box-girder superstructure 
Bridge Width (ft) 25 45 
No. of Girder 3 4 
Girder Spacing (ft) 8.5 11.5 
Overhang (ft) 4 5 1/4 









Bridge Length = 350’ 
Bridge Length = 525’ 
Main Span Main Span End Span 
 
L=200’ 0.75L=150’ 0.75L=150’ 





Soffit Thickness (in) 6 7 7/8 
Girder Thickness (in) 12 12 
 
 
Figure 2-8- Schematic illustration of concrete box-girder superstructure 
In consultation with CALTRANS design engineers (CALTRANS, 2012-2014), three 
axial indices of 5%, 8%, and 12% and two column height-to-diameter ratios (𝐻/𝐷) of 5 
and 7 are used to establish the benchmark bridges. The axial index along with the 
estimated dead load on the column determines the diameter of the column. It is assumed 
that the compressive strength of the concrete is equal to the mean strength of the concrete 
(4,900 psi). The column height is then calculated according to the column diameter and 
selected column height-to-diameter ratio. The column height is measured from the 
support to the mid-depth of the deck depth. 
Table 2-5 summarizes the selected values for the geometric properties of the 
benchmark bridges. Figure 2-9 shows the schematic view of the aforementioned terms. In 
total, 36 benchmark bridges were considered, which account for the variations in span 
length, deck width, H/D ratio and column axial load index (Table 2-6). 






Main span length (No. Spans) 100’ (4) 150’ (4) 200’ (3) 
Deck width (No. Girders) 25’ (3) 45’ (4) 
Column H/D 5 7 
Column axial index 5% 8% 12% 
 
Figure 2-9- Description of the main geometric characteristics of the bridge 
Subtended angle is defined as the ratio of the length of the bridge over its radius of 
curvature. Five groups of 36 benchmark bridges with various subtended angles: 0, 30, 60, 
90, and 120 degrees are used to explore the effect of horizontal curvature on the seismic 
performance of bridges. Note that each straight benchmark bridge is equivalent to the 
corresponding curved bridge with different curvature (Figure 2-5). 














































































































































1 45 100 5 5 4 4.0 11.5 9.0 7.875 12.0 6.75 33.75 
2 45 150 5 5 4 6.0 11.5 9.0 7.875 12.0 8.50 42.50 























Subtended Angle, a = 
36 
 
4 45 100 8 5 4 4.0 11.5 9.0 7.875 12.0 5.25 26.25 
5 45 150 8 5 4 6.0 11.5 9.0 7.875 12.0 6.75 33.75 
6 45 200 8 5 3 8.0 11.5 9.0 7.875 12.0 8.00 40.00 
7 45 100 12 5 4 4.0 11.5 9.0 7.875 12.0 4.25 21.25 














































































































































8 45 150 12 5 4 6.0 11.5 9.0 7.875 12.0 5.50 27.50 
9 45 200 12 5 3 8.0 11.5 9.0 7.875 12.0 6.50 32.50 
10 45 100 5 7 4 4.0 11.5 9.0 7.875 12.0 6.75 47.25 
11 45 150 5 7 4 6.0 11.5 9.0 7.875 12.0 8.50 59.50 
12 45 200 5 7 3 8.0 11.5 9.0 7.875 12.0 10.25 71.75 
13 45 100 8 7 4 4.0 11.5 9.0 7.875 12.0 5.25 36.75 
14 45 150 8 7 4 6.0 11.5 9.0 7.875 12.0 6.75 47.25 
15 45 200 8 7 3 8.0 11.5 9.0 7.875 12.0 8.00 56.00 
16 45 100 12 7 4 4.0 11.5 9.0 7.875 12.0 4.25 29.75 
17 45 150 12 7 4 6.0 11.5 9.0 7.875 12.0 5.50 38.50 
18 45 200 12 7 3 8.0 11.5 9.0 7.875 12.0 6.50 45.50 
19 25 100 5 5 4 4.0 8.5 8.0 6.000 12.0 4.75 23.75 
20 25 150 5 5 4 6.0 8.5 8.0 6.000 12.0 6.25 31.25 
21 25 200 5 5 3 8.0 8.5 8.0 6.000 12.0 7.50 37.50 
22 25 100 8 5 4 4.0 8.5 8.0 6.000 12.0 3.75 18.75 
23 25 150 8 5 4 6.0 8.5 8.0 6.000 12.0 5.00 25.00 
24 25 200 8 5 3 8.0 8.5 8.0 6.000 12.0 6.00 30.00 
25 25 100 12 5 4 4.0 8.5 8.0 6.000 12.0 3.00 15.00 
26 25 150 12 5 4 6.0 8.5 8.0 6.000 12.0 4.00 20.00 
27 200 25 12 5 3 8.0 8.5 8.0 6.000 12.0 5.00 25.00 
28 100 25 5 7 4 4.0 8.5 8.0 6.000 12.0 4.75 33.25 
29 150 25 5 7 4 6.0 8.5 8.0 6.000 12.0 6.25 43.75 
30 200 25 5 7 3 8.0 8.5 8.0 6.000 12.0 7.50 52.50 
31 100 25 8 7 4 4.0 8.5 8.0 6.000 12.0 3.75 26.25 
32 150 25 8 7 4 6.0 8.5 8.0 6.000 12.0 5.00 35.00 
33 200 25 8 7 3 8.0 8.5 8.0 6.000 12.0 6.00 42.00 
34 100 25 12 7 4 4.0 8.5 8.0 6.000 12.0 3.00 21.00 
35 150 25 12 7 4 6.0 8.5 8.0 6.000 12.0 4.00 28.00 
36 200 25 12 7 3 8.0 8.5 8.0 6.000 12.0 5.00 35.00 
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2.5. Concluding Remarks 
This chapter presented the damage observation in the past earthquakes, design 
specifications in the codes, seismic response and fragility assessment of curved bridges. 
The bridge configuration, such as horizontal curvature, plays an important role in the 
seismic response of the structure that requires additional considerations. The limited 
number of studies on fragility curve development of the curved concrete box-girder 
bridges reveals the need for better insight into the seismic performance of this bridge 
type.  
This study is focused on curved concrete box-girder bridges that are very common in 
California. Accordingly, the current details recommended by CALTRANS along with the 
current seismic design considerations from SDC (2013) are utilized to select the bridge 
details. Inspection of the NBI database along with personal communication with 
CALTRANS design engineers results in 36 benchmark bridges. Span length, deck width, 
axial index (𝑃/𝐴𝑔𝑓𝑐
′), and column height-to-diameter ratio are the parameters that 
contribute to the selection of benchmark bridges. Five subtended angles are used to 
develop five groups of 36 benchmark bridges in order to investigate the effect of 




Chapter 3: Grillage Model for Concrete Box-Girder 
Bridges 
3.1. Introduction 
Analysis of complex structural systems often involves levels of idealization and 
simplification to save computational effort. For bridges, a common simplification in the 
analysis is the use of equivalent beam model as a representative of the superstructure. 
However, modern highway bridges are commonly built with various geometric 
configurations of curvature or skew alignments. The effect of these complex geometrics 
should be included in the computational models for the analysis of these bridges. In spite 
of the growing trend of research on characteristics and modeling of bridge components 
including columns, bearings, and abutments (Berry, et al., 2008; Shamsabadi, et al., 2007; 
Aviram, et al., 2008a), bridge superstructure modeling methods have not improved. 
Recently, AmiriHormozaki, et al. (2015) introduced an efficient simplified modeling 
approach for horizontally curved steel girder bridges. The proposed model reduces the 
analysis time required for nonlinear response history analyses by 80%. This approach is 
appropriate for studies that require substantial number of nonlinear analyses. 
Nonlinear Response History Analysis (NRHA) is a comprehensive method used to 
establish the seismic demand on highway bridges, particularly irregular bridges. 
Although powerful computers facilitate complex NRHA, the required computational 
effort is still significant. Various approaches to modeling bridge superstructure can lead 
to “computationally economic” models, requiring significantly less time to develop, 
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execute, and interpret the analysis results compared to full 3D finite-element (FE) 
models. Nevertheless, this must be achieved without any sacrifice in efficiency of the 
response predictions. 
This chapter investigates the various approaches to modeling concrete box-girder 
superstructure for seismic analysis. A short review of grillage analogy that is used in this 
study is discussed. The validity of the grillage method is verified through a series of 
static, modal, and nonlinear response history analyses. Comparisons of the response 
predictions against the counterpart 3D FE model have demonstrated remarkable 
efficiency and significant reduction in analysis time. 
3.2. Literature Review on Analysis of Bridge Superstructure 
A simplified modeling approach that is used during preliminary design stages is 
known as spine or equivalent beam model. A typical beam model consists of a beam 
element representing the entire superstructure of the bridge with its mass, stiffness and 
section properties. In this modeling approach, the superstructure is connected to the 
bearing at the abutment or cap-beam at the bent through rigid elements. Spine beam 
idealization can be used more suitably to model straight, non-skewed, simply supported 
and continuous bridges. It is shown (Memory, et al., 1995) that the fundamental modal 
characteristics can be captured with an acceptable error margin compared to field 
observations.  
For skewed continuous superstructures, the models are not always capable of 
capturing certain vibration modes that are important in assessing the seismic response of 
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the bridge (Meng, et al., 2002). To increase the efficiency of the equivalent beam model 
approach, Meng, et al. (2002) proposed a refined equivalent beam model for the 
preliminary dynamic analysis of skew bridges. This model is applicable to any type of 
superstructure. It consists of two beams connected by massless rigid bars, which are 
perpendicular to these beam elements. This model gave reasonably acceptable results in 
predicting natural frequencies and mode shapes of the bridge as well as in estimating the 
relative magnitudes of displacements of the superstructure and internal forces in the 
superstructure. Yang, et al. (2009) modeled a multi-box-girder bridge superstructure 
using a nonlinear element along the centerline of the bridge superstructure. This element 
was assigned the lumped properties of the superstructure and developed as a fiber section 
that represented the actual superstructure cross section. AmiriHormozaki, et al. (2015) 
introduced a simplified modeling approach that led to valid prediction and assessment of 
static and dynamic response of horizontally curved highway bridges. This model consists 
of a grillage and frame elements representing the deck and girders, respectively. The 
grillage includes longitudinal girders, which are connected to each other utilizing 
transverse beams. The proposed enhanced Beam-Stick (BS) model captures the realistic 
distribution of the maximum transverse bearing forces.  
Hambly, et al. (1975) presented guidelines to use the grillage analogy for various 
types of cellular bridge superstructure geometrics including concrete box-girder. In this 
method, the superstructure is comprised of orthogonal longitudinal and transverse beam 
elements. The grillage mesh is generated in the plane of the principal axis of bending of 
the superstructure. Appropriate properties are assigned to the members that make up the 
grillage to capture the global response of the bridge. Seible, et al. (1983) developed a 
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modified grillage model to determine the nonlinear response, collapse mechanisms and 
failure loads of multi-cell concrete box-girder bridges. NCHRP Project 12-71 (Nutt, et 
al., 2008) introduced recommendations on the grillage analogy to capture the load 
distributions for various types of load cases such as dead load, live load, and post-
tensioning loads. 
Folded plate method was introduced as a more accurate modeling approach for multi-
cellular structures (Scordelis, 1974). This approach utilizes the plane-stress elasticity 
theory and the classical two-way plate bending theory to determine the membrane 
stresses and slab moments in each folded plate member (Sennah, et al., 2002). A folded 
plate is a prismatic shell formed by a series of adjoining thin rectangular plates rigidly 
connected along their edges and supported transversely by two or more frames. Scordelis 
(1974) initially applied the method of folded plate to simply supported box-girder 
bridges. However, the method is restricted to certain geometric arrangements and support 
conditions (Seible, et al., 1983). 
The finite strip (FS) method is used to gain insight into the structural behavior of 
prismatic structures. The FS method is a hybrid procedure of orthotropic plate method 
and finite element concept. The box-girders are divided into strips extending from one 
support to the other. Displacement functions of the strips are assumed in the form of the 
product of a Fourier series in the circumferential (longitudinal) and a simple polynomial 
in the transverse direction. The stiffness and mass matrices of a strip are formulated 
according to the ususal finite element procedure. This method employs the minimum 
total potential energy theorem to develop the relationship between unknown nodal 
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displacement parameters and the applied load (Cheung, et al., 1996). The total potential 
energy is divided into extensional/bending and shear/twisting. Cheung, et al. (1972) 
initially applied the FS method for curved box-girder bridges. 
During the past three decades, the finite-element method of analysis has rapidly 
become a very popular technique for the computer solution of complex problems in 
engineering. It can be regarded as an extension of earlier established analytical 
techniques, in which a structure is represented as an assemblage of discrete elements 
interconnected at a finite number of nodal points (Sennah, et al., 2002). The new 
generation of computers paved the way for the commercial software to employ the 
complex formulation of various elements in the software, such as solid element. The solid 
element is an eight-node element for modeling three-dimensional structures and solids. It 
is based upon an isoparametric formulation that includes nine optional incompatible 
bending modes. The incompatible bending nodes significantly improve the bending 
behavior of the element. CSiBridge Advanced (2010-2011) implements the solid element 
to automatically generate the concrete box-girder superstructure. This modeling approach 
for the superstructure is accepted as the most detailed level of analysis available for box-
girder bridges (Nutt, et al., 2008).  
Although a computerized structural analysis model where the superstructure is 
modeled fully in three dimensions reduces the approximation in the structure response, 
the required computational effort is very significant. Therefore, a modeling strategy is 




3.3. Curved Concrete Box-Girder Bridge 
The focus of this study is on the single frame concrete box-girder bridges with single 
column bent, seat-type abutment, and curvature in the horizontal plane. Box-girder 
bridges are structures with complex interactions between flexure, shear, and torsion in 
their structural components. In addition to regular known design forces in straight 
bridges, torsion due to curvature is induced in the superstructure of curved bridges. 
Horizontal curvature in the structure leads to a combination of torsion and bending in the 
members, causing more complex and different distribution of forces in all the bridge 
components compared to straight bridges. 
The high statistical indeterminacy of the box-girder superstructure (a closed multi-
cellular structure) allows for substantial force redistributions not only in the longitudinal, 
but also in the transverse direction (Seible, et al., 1983). The cross section of a box-girder 
is made up of thin slabs and webs, which enclose a number of cells. The edge cell often 
has trapezoidal section with the inclined outside web. The closed structural form of the 
box-girder provides high longitudinal bending and torsional stiffness that gives the 
section better stability and load distribution characteristics. The hollow section may be 
used to accommodate services such as water main, sewage pipes etc. Figure 3-1 shows 
the standard definition of the box-girder components.  
The longitudinal girders of the box-girder section frame into the bent cap-beam and 
form a rigid joint on top of the column (integral bent). At integral bent, monolithic 
connection between the superstructure and substructure ensures that the dead load and 
seismic forces transfer to the footing and piles at the base of the column by a combination 
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of flexure and shear. Integral bent cap-beam is hidden in the superstructure since the 
section height is equal to the superstructure height. The width of the bent cap-beam is 
usually 1.5 ft greater than the column dimension and it runs along the width of the bridge. 
At the end of the bridge span, a solid section, called diaphragm, collects all the forces and 
transfers them to the bearings. The diaphragm width is usually 3.5 ft wide and has the 
same height of the superstructure.  
 
Figure 3-1- Box-girder components 
3.4. Equivalent Beam Model (Conventional Spine Beam) 
For most preliminary design consideration, an equivalent beam model (spine beam 
model) may give sufficient information about the overall behavior of the bridge structure 
(Seible, et al., 1983). A typical spine model consists of equivalent beam element 
representing the superstructure of the bridge and substructure elements. The 
superstructure is replaced by the linear elastic beam-column elements along the centerline 
of the bridge. The material and geometric properties of the frame element, including 
cross sectional area (𝐴), torsional constant (𝐽), and moment of inertia (𝐼22, 𝐼33) can be 








The spine beam is divided into multiple linear segments to represent the distributed 
nature of mass more realistically. This is also useful to represent the curved geometry of 
the superstructure in case of horizontally curved bridges. The transitional mass of each 
segment can be estimated with a distributed mass along the length of the segment or 
lumped mass at each node of the segment based on tributary segment length. To replace 
the distributed mass with lumped masses, a sufficient number of nodes and segments 
have to be defined. Assignment of rotational mass (Equation (3-1)) is required since it 
increases the accuracy of dynamic response and fundamental modes of the bridge 
associated with the transverse direction (Aviram, et al., 2008a): 














where m𝑖 is the mass of each segment, 𝑊𝑡 is the width of the deck, 𝑊𝑏 is the width of the soffit, 
and h is the height of the superstructure (Figure 3-2). The cap-beam on top of the column 
and diaphragm at the end of bridge spans are modeled transversely (perpendicular to the 
beam) with actual rectangular cross sections. The properties of the section should be 
amplified (with a minimum value in the order of 100) (Aviram, et al., 2008a) to account 





Figure 3-2- Definition of 𝑊𝑡, 𝑊𝑏, and h to calculate the mass moment of inertia of the 
superstructure 
3.5. Grillage Analogy  
The grillage analogy method can be applied to the bridge superstructures exhibiting 
complicated features such as curvature and skew. Compared to the finite element method, 
it requires less computational effort along with reliable results for a wide variety of 
bridge superstructures (Surana, et al., 1998). The cellular superstructure is simulated by a 
grid of longitudinal and transverse beams rigidly connected to each other at nodes. 
Generally, the grid lines should coincide with center of geometry of the section. The 
longitudinal members represent the girders (webs) of the section, connected to each other 
by the means of transverse members. Transverse grillage members are placed along the 
line of each diaphragm in a superstructure. Additional transverse members are needed to 
reflect the load-sharing characteristics of the superstructure. Hambly, et al. (1975) 
suggested that the intervals between the transverse members should not exceed twice the 
spacing of the longitudinal members. Closer spacing results in more continuous structural 




The longitudinal members should be placed along the centerline of the girders. 
Hence, the web shear forces can be directly represented by grillage shear force at the 
same points on the cross section. This arrangement results in the acceptable demand on 
the bearing at the abutments and bents. 
Grillage member properties are chosen so that the grillage mesh captures the 
comprehensive response of the box-girder superstructure. There are four principal modes 
of deformation associated with a cellular superstructure under load: longitudinal bending, 
transverse bending, torsion (twisting), and distortion as illustrated in Figure 3-3. The 




Figure 3-3- Principal modes of deformation (O'Brien, et al., 1999) (a) longitudinal bending; (b) 
transverse bending; (c) torsion (twisting); and (d) distortion 
 Longitudinal Bending 
The Longitudinal bending of the superstructure can be captured by representing it 
with a number of equivalent I-beams. For practical purposes, it is generally assumed that 
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the neutral axis of I-beams are the same as the superstructure as a whole. This assumption 
does not affect the accuracy of the force distribution if the neutral axes of individual 
beams are placed on the principal axis of the superstructure (Hambly, 1976). Therefore, 
the section properties of each I-beam, represented by a grillage member, are calculated 
about the principle axis of the superstructure. This ensures that longitudinal stresses on 
the I-beam cross sections will be similar to those on the superstructure as given by 
Equation (3-2) and (3-3),  
(3-2)   𝑀𝐷𝑒𝑐𝑘 = ∑ 𝑀𝑖,𝐼−𝑏𝑒𝑎𝑚
𝑛
𝑖=1        ,     𝐼𝐷𝑒𝑐𝑘 = ∑ 𝐼𝑖
𝑛
𝑖=1   
(3-3)    𝜎 =
𝑀 𝐷𝑒𝑐𝑘  𝑍 
𝐼 𝐷𝑒𝑐𝑘
=
𝑀 𝐼−𝑏𝑒𝑎𝑚   𝑍
𝐼 𝐼−𝑏𝑒𝑎𝑚
  
where 𝑀𝐷𝑒𝑐𝑘 and 𝐼𝐷𝑒𝑐𝑘 are the superstructure section moment and moment of inertia, 𝑀𝑖 
and 𝐼𝑖 are the moment and moment of inertia of I-beam, 𝑛 is the number of girders 
(webs), and ?̅?  is the distance to the neutral axis of the superstructure. Equation (3-3) 
shows that the ratio of 𝑀/𝐼 for grillage beams and superstructure section remain constant 
and bending stresses are not affected by dividing the superstructure section into I-beams 
(Figure 3-4). 
 Transverse Bending 
The transverse bending illustrated in (Figure 3-5a) produces flexure of the top and 
bottom slabs about the neutral axis (Figure 3-5b). The moment of inertia of transverse 













2 = ℎ2 𝑑𝑡𝑑𝑏/(𝑑𝑡 + 𝑑𝑏)   
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where 𝑑𝑡, 𝑑𝑏, ℎ𝑡, and ℎ𝑏 are the top and bottom slab thicknesses and distances from their 
centroid. Grillage analysis makes no provision for the effect of Poisson’s ratio on the 
interaction between longitudinal and transverse moments (Hambly, et al., 1975). Grillage 
analysis ignores the effect of Poisson’s ratio on the interaction of longitudinal and 
transverse moments.  
 
Figure 3-4- Flexure of superstructure and I-beam sections 
(a) 
(b) 




The term “torsion” in cellular superstructures describes the shear force and 
deformation induced by twisting the superstructure, without the effect of distortion of the 
cross section (Hambly, et al., 1975). When a cellular superstructure twists, shear flows 
around the slabs and perimeter webs. To capture this mode of deformation, the grillage 
mesh should perform similar to the cellular superstructure under torsional loading. On a 
cross-section of the grillage mesh, the total torque is made up from the torques in the 
longitudinal members and the opposed vertical shear force in the webs. The vertical shear 
in the webs is captured when the longitudinal members are assigned proper shear areas. 
As a result, the torsional stiffness of a longitudinal grillage member is assumed to be 
equal to the summation of the torsion constant of two layers of solid slab (top and bottom 
slabs), giving: 





     
where 𝑖𝑡 and 𝑖𝑏 represent the moment of inertia of the top and bottom slabs. When the 
grillage mesh is subjected to torque, transverse and longitudinal grillage members twist 
identically. Consequently, they should have identical torsion constants per unit width (or 
length). The torsion constant introduced in Equation (3-5) is equal to half of the Saint-
Venant torsion constant for a thin-walled closed section. It reflects the fact that when a 
grillage is twisted, the longitudinal member torques are only providing half of the total 
torque on the cross-section. The other half is provided by the opposed vertical shear force 




Distortion of cells occurs when the cells are not braced by the transverse diaphragm 
or internal bracing. Accordingly, the vertical shear force distorts the slabs and webs. In 
order to capture the distortion in the perpendicular members, the following assumptions 
are used: a) the transverse shear force (𝑉) is assumed to be distributed between the 
flanges in proportion to their flexural stiffness (Equation (3-6)); b) the points of contra-
flexure are assumed at the middle of the web and flanges (Figure 3-6a).  







The shear force in the top and bottom flanges leads to the moment on top and bottom 
of the web that induces the rotation in the web. However, the deflection at the top flange 
results from the web rotation plus bending in the top flange itself (Figure 3-6b and 
Equation (3-7)). The deflection at the bottom flange is calculated similar to the deflection 
at the top flange. Then, the mean deflection of top and bottom flanges is calculated. The 
equivalent shear area is obtained from equating the mean deflection with the shear 
deformation in the grillage member. Equation (3-8) (O'Brien, et al., 1999) demonstrates 
the required equivalent shear area of the grillage member.  

































Figure 3-6- Modeling the cell distortion 
 Grillage Properties  
The grillage mesh consists of longitudinal and transverse members, in which 
longitudinal members represent the girders in box-girder cross section. Transverse 
members frame into the nodes at each end of a longitudinal member. Grillage members 
are placed at the neutral axis of the box-girder section. It is necessary to define the 
section properties of each element, considering that these elements should capture the 
same action as the cells. Table 3-1 summarizes the elastic section properties assigned to 
the longitudinal and transverse members. It is assumed that the local x-axis is oriented 
along the length of the element, while the local z-axis is always in the global positive 
vertical direction (Figure 3-7). As shown in Figure 3-7, 𝑆 (girder spacing) and 𝑆𝑡 





areas of members are assumed to be equal to the cross section area, the results show good 
accuracy in the utilized modeling technique.  
Table 3-1- Section properties of grillage members 
Longitudinal Member 
𝐴𝑥 = 𝐴𝑦 = 𝐴𝑧 Tributary cross section area of longitudinal member 
𝐼𝑦𝑦 Tributary moment of inertia of longitudinal member about horizontal axis 
𝐼𝑧𝑧 Tributary moment of inertia of longitudinal member about vertical axis 





𝐴𝑥 = 𝐴𝑦 = 𝐴𝑧 Area of tributary deck and soffit slabs, 𝐴𝑥 =  𝑆𝑡(𝑑𝑡 + 𝑑𝑏) 





Tributary moment of inertia of transverse member about vertical axis,  
𝐼𝑧𝑧 = 𝑆𝑡
3(𝑑𝑡 + 𝑑𝑏)/12 












3.6. Verification of Grillage Model versus Shell Model 
AmiriHormozaki, et al. (2015) demonstrated that the grillage modeling approach can 
be efficiently used for analytical modeling of horizontally curved steel girder highway 
bridges. The proposed modeling approach was used to model the experimentally recorded 
response of a 2/5 scale model of a curved bridge. The preliminary comparison of 
experimental vs. analytical response verified the efficiency and accuracy of the proposed 
approach. As been successfully used by AmiriHormozaki, et al. (2015), the grillage 
analogy is followed in this study to model the box-girder superstructure. In order to 
verify the accuracy of the grillage model utilized for modeling the box-girder 
superstructure, two benchmark bridges, a straight benchmark bridge and a corresponding 
equivalent curved benchmark bridge, have been modeled using the FE modeling 
approach, grillage method, and spine modeling approach, using CSiBridge (2010-2011). 
Properties of the benchmark bridges, modeling of components, types of analyses, and 
comparisons are provided in the following sections. 
 Properties of Benchmark Bridge 
The curved benchmark bridge and the equivalent straight benchmark bridge are 
selected to verify the validity of the grillage method. As mentioned in Chapter 2, the 
benchmark bridge is identified by the span length, bridge width, column axial index, and 
column height to diameter ratios. Table 3-2 shows the geometric properties of the 
selected straight and curved benchmark bridges. Two extreme subtended angles are 
chosen for modeling: 0 (straight with infinite radius of curvature) and 120 degrees (the 
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radius of curvature is equal to 250.7 ft). All properties of the straight and curved bridges 
are assumed identical, except the radius (or the horizontal curvature) of the bridge.  
Table 3-2- Geometric properties of the benchmark bridges 
Main span length (No. Spans) 150’ (4) 
Deck width (No. Girders) 45’ (4) 
Column H/D 7 
Column axial index 8% 
 
The bridge is 525 ft long with two main spans of 150 ft and two external spans of 
112.5 ft long (Figure 3-8a and b). The width of the bridge deck is 45 ft as shown in 
Figure 3-8c. The geometric properties of the concrete box-girder are adopted from Table 
2-4. Based on the selected axial index, the column diameter is 6.75 ft. The column height 
to diameter ratio of 7 results in 47.25 ft for the height of the columns. The column 
longitudinal and transverse reinforcement ratios are considered as 1.10% and 1.50%. 
25#14 rebar provides the longitudinal reinforcement for the column that are confined by 
#8 spiral rebar spaced at 3.0 in. The design strength for the concrete is assumed to be 
4,900 psi, while the reinforcing steel has a yield strength of 67.10 ksi. It is noted that 
these values are the median values of the respective distributions that will be used in the 




Figure 3-8- (a) Straight benchmark bridge; (a) Curved benchmark bridge; and (c) box-girder 
properties 
 Superstructure Modeling Approach 
Both straight and curved bridges have been modeled using FE, grillage, and spine 
modeling approaches for the superstructure. The FE mesh for the superstructure 


























2011). The FE model, however, is the combination of solid and frame elements. Solid 
elements are eight-node objects used to model 3D structural systems. Each solid element 
has six quadrilateral faces with a joint at each corner. Solid elements are used to model 
girders (webs), deck, and soffit thicknesses. Frame elements are used to model the cap-
beams at the bents and diaphragms at the abutments. The nodes of the cap-beam and 
diaphragm are connected to the nodes of solid element using the rigid links. In the 
grillage model (Figure 3-9b), all the members in the superstructure are modeled using the 
frame elements. The longitudinal and transverse members of the superstructure have the 
properties described in Table 3-1. The cap-beam is assumed to be the rigid frame 
element. Similar to the FE model, spine model is developed in CSiBridge automatically 
with the frame elements along the neutral axis of the bridge (Figure 3-9c). All the 
properties of the frame element are the same as the box-girder superstructure.  
 Substructure Modeling 
The columns are modeled using 3D frame elements with fiber section. The base of 
the column is assumed to be fixity. The column is connected to the cap-beam at the top 
rigidly. Two plastic hinge zones are used at the top and bottom of the column. The length 
of plastic zone is calculated based on Equation (3-9), in which the plastic hinge is located 
at the mid-height of it.  
 (3-9)   𝐿𝑃 = 0.08L + 0.15𝑓𝑦𝑒𝑑𝑏  ≥ 0.3𝑓𝑦𝑒𝑑𝑏       (in, ksi)  
where 𝐿𝑃 is the length of the plastic hinge zone, 𝐿 is the length of the column from 
maximum moment to zero moment, 𝑓𝑦𝑒 and 𝑑𝑏 are the expected yield strength and 






Figure 3-9- (a) FE model; (b) grillage model; and (c) Spine model for straight and curved bridges 
Plastic hinge is defined using the fiber hinge option in CSiBridge (2010-2011) that is 
based on a lumped plasticity model. The fiber hinge captures the interaction of varying 
axial force and biaxial moment automatically (CSiBridge Advanced, 2010-2011). The 
moment-curvature relation is obtained from inelastic action of individual discretized 
fibers in the cross section. The material properties (stress-strain curve), representing 
unconfined concrete, confined concrete, and longitudinal steel reinforcement, are defined 
and assigned to each fiber in the cross section. 
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 Boundary Conditions 
In seat-type abutments, bearings provide the support under each girder. The presence 
of tangential gap between the end of the superstructure and backwall, in addition to the 
radial gap between the end of the superstructure and shear keys, allows superstructure 
movement independent of the abutment. Since PTFE/spherical bearings at the abutments 
with low coefficient of friction are used, it is assumed that bridge can move freely in all 
translational and rotational directions rather than transition in vertical direction. Note that 
in curved bridge, the longitudinal and transverse gaps are referred to as the tangential and 
radial gaps, respectively. 
 Comparison of FE and Grillage Models 
Gravity load, modal, and nonlinear time history analyses have been performed for 
both the straight and curved bridges to verify the grillage model. Dead load distribution at 
the abutments and bents are shown in Table 3-3. Table 3-4 demonstrates the deflection of 
the girders under the dead load at the mid span of the main span. Based on two presented 
tables (Table 3-3 and Table 3-4), the grillage model has predicted the dead load 
distribution and deflection in both straight and curved bridges remarkably well. 
Modal analyses have been carried out to compare the corresponding vibration period 
and mass participation factor associated with the first 10 modes. Figure 3-10, Table 3-5, 
and Table 3-6 compare the modal properties of the FE and grillage model that match very 




Table 3-3- Dead load distribution (axial force, kip) 
 
Straight Bridge Curved Bridge 









Outer 4 127.56 111.96 12.23 185.52 168.17 9.35 
Interior 3 143.76 166.37 15.73 152.39 179.17 17.58 
Interior 2 143.76 166.37 15.73 136.34 164.66 20.77 
Inner 1 127.56 111.96 12.23 57.048 33.93 40.52 
Bent 2 2,057 2,040 0.83 2,065 2,047 0.86 
Bent 3 2,141 2,124 0.79 2,149 2,132 0.78 









Outer 4 127.56 111.96 12.23 185.52 168.17 9.35 
Interior 3 143.76 166.37 15.73 152.39 179.17 17.58 
Interior 2 143.76 166.37 15.73 136.34 164.66 20.77 
Inner 1 127.56 111.96 12.23 57.05 33.93 40.52 
 
Table 3-4- Dead load deflection of girders  
 
Straight Bridge Curved Bridge 










Outer 4 -0.9132 -0.8522 6.68 -1.1334 -1.0640 6.12 
Interior 3 -0.9090 -0.8515 6.33 -1.0127 -0.9457 6.61 
Interior 2 -0.9090 -0.8515 6.33 -0.8936 -0.8288 7.26 





Figure 3-10- Comparison of modal information in the (a) straight bridge and (b) curved bridge 
























1 1.182 0 0 0 0 0 24.02 
2 1.164 0 90.77 0 98.33 0 68.22 
3 0.820 96.45 0 0 0 2.82 0 
4 0.581 0 0.27 0 0.64 0 0.21 
5 0.411 0.15 0 0 0 0.17 0 
6 0.322 0 0 6.42 0 4.72 0 
7 0.251 0 6.08 0 0.03 0 4.57 
8 0.241 0.47 0 0 0 12.75 0 
9 0.239 0 0 0 0 0 0.01 











1 1.197 0 0 0 0 0 24.22 
2 1.160 0 91.02 0 98.23 0 68.24 
3 0.814 96.43 0 0 0 2.88 0 
4 0.573 0 0.33 0 0.70 0 0.25 
5 0.405 0.16 0 0 0 0.16 0 
6 0.315 0 0 5.98 0 4.42 0 
7 0.243 0 5.77 0 0.03 0 4.33 
8 0.240 0 0 0 0 0 0 
9 0.233 0.49 0 0 0 12.78 0 
10 0.222 0 0 56.59 0 41.82 0 
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1 1.149 12.63 0 0 0 1.49 4.78 
2 1.044 0 91.05 0.02 5.46 0 0 
3 0.814 83.56 0 0 0 11.28 91.61 
4 0.633 0 1.35 0.01 0.18 0 0 
5 0.428 0.02 0 0 0 0.92 0.18 
6 0.332 0 0.74 6.01 11.11 0 0 
7 0.255 0 0 0 0 1.69 0.02 
8 0.249 0 2.48 17.54 14.00 0 0 
9 0.248 0.54 0 0 0 44.40 0.49 











1 1.160 12.79 0 0 0 1.56 4.80 
2 1.039 0 91.12 0.01 5.47 0 0 
3 0.807 83.42 0 0 0 11.99 91.57 
4 0.625 0 1.51 0.01 0.19 0 0 
5 0.421 0.03 0 0 0 0.94 0.18 
6 0.324 0 0.80 5.92 10.85 0 0 
7 0.257 0.05 0 0 0 0.08 0 
8 0.240 0.49 0 0 0 48.39 0.52 
9 0.239 0 2.15 19.44 15.32 0 0 
10 0.220 0 1.58 37.55 31.21 0 0 
 
Nonlinear response history analyses of FE, grillage, and spine model have been 
conducted by applying Northridge ground motion (1994) recorded at 'Jensen Filter Plant' 
station. The ground motion is taken from the suite of ground motions developed for the 
PEER Transportation Systems Research Program (Baker, et al., 2011). It is recorded on a 
soil site with an average shear wave velocity of 1228 ft/sec (373 m/sec). It is unscaled and 
characterized by a moment magnitude of 6.69 and hypocentral distance of 13.53 mi 
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(21.78 km). The time history and response spectrum of the fault normal and fault parallel 
components are shown in Figure 3-11 and Figure 3-12, respectively. More details about 
the ground motion suite will be provided in Chapter 5. The fault parallel component 
(PGA=1.07g) is applied along the chord axis of the bridge, while the fault normal 
component (PGA=0.52g) is applied in the transverse direction (perpendicular to the chord 
direction).  
 
Figure 3-11- Component time histories of selected ground motion  
 
Figure 3-12- Response spectra of two components of the selected ground motion  
PGA_FN = 0.518 
PGA_FP = 1.070 
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The moment response histories at the base of the column and displacement history at 
the top of the column in Bent2 are reported in Figure 3-13 and Figure 3-14. The moment-
curvature response at the base of the column in Bent2 is also shown in Figure 3-15. Good 
agreements were observed in the responses of the column in the straight and curved 
bridges. The column responses in spine model have not been shown in the figures, but 
they are similar to the responses of the column in the FE model.  
(a)
(b) 





Figure 3-14- Displacement responses at the top of the column in Bent2 in (a) straight bridge and 
(b) curved bridge 
Figure 3-16 and Figure 3-17 demonstrate the axial force history on the bearings at the 
Abutment1. According to figures, three modeling approaches can capture the axial force 
response of the inner and outer bearing very well (Figure 3-16a, Figure 3-16d, Figure 3-
17a, and Figure 3-17d). However, the response of the middle bearings is affected by 
different modeling approaches (Figure 3-16b, Figure 3-16c, Figure 3-17b, and Figure 3-
17c). The maximum and minimum values of the axial force history on the bearings at the 





Figure 3-15- Moment curvature response at the base of the column in Bent2 in (a) straight bridge 
and (b) curved bridge 
The response history of the axial force on the middle bearing in the grillage model 
shows similar pattern to the axial force response of the bearing in the FE model. Since the 
dead load distributions at the abutment have slight difference in the FE and grillage 
models, a constant shift is observed in the responses. The bearing response history in the 
spine model is dissimilar to the bearing response history in the FE model. The difference 
is more highlighted when the axial force on the bearing is smaller than the dead load 
reaction, which might lead to uplift at the support. Note that in the spine model, 
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automatically generated by CSiBridge, body constraint is applied to the nodes at the 
abutment to model the rigidity of the diaphragm. The constraint cannot represent the real 
condition near the support that causes inconsistent response in the middle bearings in the 
spine model with the FE model. However, the bearing response in the grillage model 
closely resembles the bearing response in the FE model.  
(a) (b)
(c) (d) 
Figure 3-16- Axial force response at the Abutment1 in the straight bridge (a) inner bearing; (b) 





Figure 3-17- Axial force response at the Abutment1 in the curved bridge (a) inner bearing; (b) 
interior2 bearing; (c) interior3 bearing; and (d) outer bearing 
As it was mentioned earlier, the goal of implementing the grillage method in the 
modeling of the bridge superstructure is to reduce the required time for the response 
history analyses and provide the accurate component responses. The required time to run 
the nonlinear response history analysis of the FE model is 468 min. It is reduced to 27 
min in the nonlinear response history analysis of grillage model. The grillage model saves 
94% of the required time for the nonlinear response history analysis accompanied by the 
accurate response of the components. Therefore, the presented grillage modeling is 





Figure 3-18- Maximum and minimum values of the axial force at the Abutment1 in (a) straight 
bridge; (b) curved bridge 
3.7. Concluding Remarks 
A grillage model representing the box-girder superstructure is presented in this 
chapter. In the grillage modeling, longitudinal and transverse frame elements represent 
the cellular superstructure. The properties of the grillage members are chosen so that the 
grillage model can represent the concrete box-girder bridge. Comparing the results of the 
gravity, modal, and nonlinear response history analyses of the grillage and 3D full finite 
element models verify the accuracy of the grillage model. The grillage model reduces the 





implemented in the present study to model the box-girder superstructure rather than FE 
model. It optimizes the computational effort for the response history analyses while 




Chapter 4: Analytical Modeling of Horizontally Curved 
Box-Girder Bridges 
4.1. Introduction 
The finite element analysis platform, OpenSees (McKenna, et al., 2014) has been 
used to estimate the component and system vulnerability during seismic events. 
Nonlinear Response History Analyses (NRHA) was conducted on three-dimensional 
computational models of bridges incorporating both geometric and material 
nonlinearities. Rayleigh damping as a function of mass and stiffness of the bridge was 
used in these analyses. In addition to the inherent damping, hysteretic damping is also 
explicitly modeled due to nonlinear material and force-deformation properties. Based on 
the results of NRHA, the demand model is established, which is the first step in fragility 
curve development.  
A schematic view of different components discussed in this chapter and considered in 
the bridge computational models is shown in Figure 4-1.  
4.2. Modeling of Concrete Box-Girder Superstructure  
The grillage modeling approach, discussed in Chapter 3, is utilized to develop 
computational models of bridges suitable for NRHA with low computational effort. The 
concrete box-girder is simulated by a combination of longitudinal beams, which are 
rigidly connected to each other using transverse beams. The grillage members are 
modeled using the linear elastic beam column element with tributary mass lumped at 
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each node of the grillage system. The elastic section properties assigned to the 
longitudinal and transverse members are summarized in Table 3-1. The geometric 
properties of the concrete box-girder superstructure are previously discussed in Table 2-4. 
It is noted that superstructure is expected to remain elastic during the seismic event 
(SDC, 2013).  
  
Figure 4-1- Illustration of the bridge components (a) single frame bridge; (b) abutment 
4.3. Modeling of Substructure 
Piers provide vertical stability to the bridge system at intermediate support locations. 
They collect and transfer superstructure forces (dead load and vehicular live load) to the 
foundation, and resist the lateral loads (wind or seismic load). Circular reinforced 
























concrete columns are used throughout the study. Columns are assumed to be fixed at their 
base and rigid at the top (monolithic). The properties of the transverse grillage members 
on top of the column are modified to represent the rigidity of the cap-beam on top of the 
bent (Figure 4-2a). The vertical rigid member connects the orthogonal grillage members 
to top of the column, in order to model the rigid connection between the column and 
superstructure.  
 
Figure 4-2- Details of finite element model at (a) connection between the column and 
superstructure; (b) fibers in the column  
It is assumed that the column longitudinal reinforcement is provided by #14 rebar. #8 
rebar is used for the transverse reinforcement as long as the spacing of the transverse 
rebar does not exceed 4 in (AASHTO, 2012). If the spacing of the hoops exceeds 4 in, #7 
rebar replaces #8 to provide the acceptable spacing for the confinement of the column. 
Rigid transverse element  
Rigid vertical element  








The column is finely discretized along the height for a better distribution of the mass 
(Aviram, et al., 2008a). The column elements are modeled using three-dimensional 
“forceBeamColumn” element available in OpenSees that is based on an iterative force-
based formulation. It enables the user to model the distributed plasticity along the 
element without the need for defining the plastic hinge length and cracked section 
modifier. Nonlinear material properties are assigned to the fiber sections, which consist 
of unconfined and confined concrete and reinforcing steel (Figure 4-2b), to account for 
the axial and flexural stiffness of the column. Cracked shear and torsional stiffness of the 
column are included in the element by aggregating the uniaxial elastic material with each 
element. Geometric nonlinearity is addressed by including P-Δ effect for the column. The 
cross-section is discretized into eight inner and two outer radial fibers. The outer fibers 
represent the cover concrete with the unconfined concrete property. The confined 
concrete property is assigned to the eight inner fibers, served as the core of the column. 
The circular section is divided into sectors defined by the location of longitudinal bars 
(Figure 4-2b). 
The material “Concrete01” from OpenSees library is used to represent the unconfined 
and confined concrete properties. This material type models Kent-Scott-Park concrete 
material with degrading linear unloading/reloading stiffness. The unconfined concrete 
material property is assigned to the cover concrete with a maximum compressive strain of 
0.002 and ultimate unconfined compressive strain of 0.005 (AASHTO, 2011), and a 
specified concrete compressive strength. Due to the presence of the transverse 
confinement around the core and the cage effect, the core reveals higher compressive 
strength and ultimate strain than unconfined concrete. The confined concrete property is 
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determined using AASHTO specification (2012) and Mander’s model (Mander, 1988). A 
comparison of the unconfined and confined concrete stress-strain model is shown in 
Figure 4-3. Longitudinal steel reinforcement is represented by “Reinforcing Steel” that 
captures the yield plateau as well as the strain hardening of the rebar.  
When the concrete strain in one of the core fibers (with confined concrete property) 
reaches the concrete ultimate strain (concrete crushing), concrete strength drops to zero in 
the fiber. When the strain in one of the longitudinal rebar passes the ultimate strain at 
breaking stress, the analysis interrupts due to the rebar fracture. 
 
Figure 4-3- Concrete stress-strain model 
4.4. Modeling of Seat-Type Abutments 
Abutments provide vertical and lateral support for the superstructure and approach 
slab. Abutments can be either monolithic or seat-type that determine the type of boundary 
conditions with respect to computational modeling of the bridge. In seat-type abutment, 
which is the focus of this study, the superstructure is constructed separately from the 




















(tangential gap). Bearings are installed on top of the stemwall that is supported by the pile 
cap-beam, pile group, and embankment backfill. The present study focuses on the most 
recent details particularly used by CALTRANS (CALTRANS, 2012-2014). Accordingly, 
various components of the seat-type abutment (Figure 4-4) used in this study along with 
the modeling approach are presented in the following sections.  
      
Figure 4-4- (a) Abutment components; (b) Gap definition 
 Modeling of Superstructure-Abutment Pounding  
Seismic pounding between superstructure and abutment backwall may result in large 
forces and subsequent displacement following the abutment backwall failure during 
seismic excitations. The pounding may also result in local damage at the concrete 
interface, such as crushing or spalling the superstructure, diaphragm, and seat concrete. 
Among different alternatives for modeling the seismic pounding, the contact element 
approach proposed by Maison, et al. (1992) is used in this study. Based on the theory, 
Muthukumar (2003) proposed a simplified bilinear contact-based model with energy 















































model is based on equating the dissipated impact energy to the area in the hysteresis of 
the Hertz contact model with nonlinear damping (Hertzdamp model). Table 4-1 and 
Figure 4-5 show the variables and equations that are used to model the pounding. 
“ElasticPPGap” uniaxial material along with the “TwoNodeLink” elements are utilized to 
represent the pounding between the superstructure and abutment backwall after closure of 
the tangential gap (Figure 4-4b) in the current study. The material enables defining the 
bilinear properties as well as the initial gap.  
Table 4-1- Properties and formulation of the impact material (Muthukumar, 2003) 





Impact stiffness parameter, 
used in hertz model 
𝑘ℎ = 25,000 kip. in
−3/2 
Hertz coefficient 𝑛 = 1.5 
Coefficient of restitution 𝑒 = 0.7 
Maximum penetration 𝛿𝑚 = 0.63 𝑖𝑛 
Yield deformation 𝛿𝑦 = 𝑎 𝛿𝑚 
Yield parameter 𝑎 = 0.1 
Maximum impact force 𝐹𝑚 = 𝐾𝑡2(𝛿𝑚 − 𝛿𝑦) 
Yield impact force 𝐹𝑦 = 𝐾𝑡1𝛿𝑦 
Effective stiffness 𝐾𝑒𝑓𝑓 = 𝑘ℎ√𝛿𝑚 




Strain hardening stiffness 𝐾𝑡2 = 𝐾𝑒𝑓𝑓 −
∆𝐸






Figure 4-5- Inelastic impact element parameters (Muthukumar, 2003) 
 Modeling of PTFE/Spherical Bearings 
Besides the creep and shrinkage effects, thermal, vehicular, and seismic loads lead to 
additional horizontal forces and deformations in the axially rigid superstructure. Bearings 
are placed between the superstructure and substructure to transmit these loads between 
the superstructure and substructure. They are designed to accommodate the relative 
translational or rotational deformations.  
PTFE/Spherical bearings are preferred in current seismic designs in lieu of the 
standard elastomeric bearing pads at seat-type abutment (CALTRANS, 2012-2014). It is 
usually assumed that the typical pads fail at 6” deformation and experience damage and 
tearing. Such damage results in subsequent concrete-to-concrete contact between the 
super- and sub-structure. The new contact affects the dynamic properties of the bridge 
and may change the seismic load path during an earthquake. However, the sole plate 
length in PTFE/spherical bearing (Figure 4-6) can be extended to avoid any contact 
























incorporate uplift hold-down devices; hence do not provide any uplift resistance. In 
addition, PTFE/spherical bearings allow rotations about horizontal axes by sliding along 
a spherically shaped interface on one side of the bearing (Konstantinidis, et al., 2008).  
 
Figure 4-6- PTFE/spherical bearing (Konstantinidis, et al., 2008) 
The sliding material is typically PTFE-based bonded to flat and concave surfaces. 
Flat and convex mating surfaces are typically stainless steel. Sliding mechanism of the 
curved surface with low friction coefficient may lead to large horizontal displacement of 
the superstructure during a seismic event. Superstructure self-weight is transmitted to the 
seat through the contact stresses of the plate and PTFE fabric. The stress is limited to 
3,500 psi maximum (CALTRANS, 1994). The low friction interface is assumed to 
provide no frictional resistance to horizontal loads. The coefficient of friction for fabric 
containing PTFE fibers varies from 0.08 to 0.04 at bearing pressures of 500 psi and 3,500 
psi, respectively. 
It is well known that the frictional properties of PTFE are velocity-dependent 
(Mokha, et al., 1990). Friction increases rapidly with increasing velocity up to a certain 
value of velocity beyond which it remains constant. The effect of pressure and sliding 
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velocity on the friction coefficient is as illustrated in Figure 4-7 (Constantinou, et al., 
1999). In general, the coefficient of sliding friction (𝜇) at sliding velocity (𝑉) may be 
approximated by the following equation (4-1) for a fixed value of the pressure (Mokha, et 
al., 1988): 
(4-1)    𝜇 =  𝑓𝑚𝑎𝑥 − (𝑓𝑚𝑎𝑥 − 𝑓𝑚𝑖𝑛)𝑒
−𝑎𝑉 
in which 𝑓𝑚𝑎𝑥 and 𝑓𝑚𝑖𝑛 are the friction coefficients at large and low velocity of sliding, 
respectively, and 𝑎 is a constant for given bearing pressure and condition of interface. 
The effect of fluctuation in the bearing pressure, caused by the vertical component of the 
ground motion or the overturning moment, may be incorporated by adjusting the friction 
coefficients. 
 
Figure 4-7- Dependency of friction coefficient of PTFE-polished stainless steel interface on 
sliding velocity and normal load (Constantinou, et al., 1999) 
Konstantinidis, et al. (2008) performed a set of experminets on this type of bearing at 
high velocity to assess its behavior under seismic loading conditions. The bearings had 
been tested under various average pressures ranging from 2,000 psi up to 10,000 psi as 
well as different rotations. A number of sinusoidal signals varying in frequency and 
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amplitude were applied to the bearings. According to the reported results, the friction 
coefficient at low velocity was observed between 0.02-0.03, independent of the pressure. 
At high velocities, the value increases to 0.10 in low pressure condition, while it drops to 
0.05 with increasing the pressure. 
OpenSees provides the “flatSliderBearing” element that captures the coupled friction 
properties for the shear deformation in three-dimensional models. It also offers a velocity 
dependent friction material for modeling the behavior of PTFE or PTFE-like materials 
sliding on a stainless steel surface. The element along with a friction model is used to 
define the force-deformation behavior of PTFE/spherical bearing in the horizontal 
directions. “flatSliderBearing” element along with “VelDependent” friction material is 
used in shear direction to model the horizontal resistance of the bearing. This choice 
enables modeling of the coupled friction properties that is affected by both axial force 
and slip rate (Figure 4-8). Constant values of 0.02 and 0.6 s/in are defined as the friction 
coefficient at low velocity and transition rate from low to high velocity, respectively. The 
friction coefficient at high velocity is varied in the range of 0.05-0.1. Since the friction 
coefficient at high velocity cannot be represented by a constant value (Konstantinidis, et 
al., 2008), it is assumed as an uncertain parameter and will be discussed in Chapter 5.  
In the axial direction, a material with no tensile strength and high compressive 
properties can represent the superstructure uplift and resultant seismic pounding force 
due to the superstructure inertia force. Maison, et al. (1992) showed that changing the 
impact spring stiffness by an order of magnitude has virtually no effect on the system 
response. Accordingly, the uniaxial material with the same properties as the horizontal 
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impact (presented in Section 4.4.1), except the gap, is assigned to the axial direction of 
the bearing element in order to represent the uplift of the superstructure.  
 
Figure 4-8- Force-deformation of the “flatSliderBearing” element 
 Modeling of Shear Keys 
In concrete box-girder bridges with seat-type abutment, exterior shear keys at the 
sides of the superstructure provide the transverse restraint to the superstructure during 
service load and small to moderate earthquakes. Exterior shear keys are usually preferred 
for new bridge construction because they are easier to inspect and repair. In bridges 
designed in California, shear keys are detailed as structural fuses (sacrificial elements) to 
control damage in the stemwall, supporting piles, and columns under strong seismic 
events.  
Researchers at the University of California-San Diego (UCSD) carried out an 
experimental program to study the seismic response and capacity evaluation of sacrificial 
exterior shear keys (Bozorgzadeh, et al., 2007). The design philosophy was to force a 
shear sliding failure at the interface of the shear key-abutment stemwall. This type of 
failure can be easily repaired after an earthquake. Two types of shear keys, namely, non-
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isolated and isolated were the focus of this study. The test results indicated that the large 
diagonal cracks in the stemwall developed in the non-isolated shear key (Figure 4-9a). 
The damage was not easily repairable after the earthquake. However, the isolated shear 
key performed as the structural fuse with sliding shear failure during the test (Figure 4-
9b). In addition, the capacity of the isolated shear key could be accurately estimated, in 
contrast to the non-isolated shear key (Figure 4-10).  
 
Figure 4-9- Failure mode of a) Test Unit 4A (non-isolated type); b) Test Unit 5B (isolated type) 
(Bozorgzadeh, et al., 2007) 
Bozorgzadeh, et al. (2006) recommended that the abutment stemwalls should be 
constructed first followed by smooth finishing of all surfaces to create a weaker plane at 
the interface. A bond breaker film should be applied on the interface of the abutment and 
shear key to prevent any chemical bond between concrete of these components. Shear 
key vertical reinforcement is typically bundled in a single group and placed close to the 
center of the shear key. This detail serves as the only connection between the shear key 




abutment backwall. The required reinforcement for the temperature and shrinkage should 
not cross the shear key-stemwall interface.  
 
Figure 4-10- Exterior shear keys Test Units 5-A and 5-B (Bozorgzadeh, et al., 2007) 
SDC (2013) follows the recommendations by Bozorgzadeh, et al. (2006; 2007) and 
presents the isolated shear key. The smooth construction joint is required at the shear key 
interfaces with the stemwall and backwall to effectively isolate the key (Figure 4-11). For 
shear keys supported on high abutments, shear key capacity, 𝐹𝑠𝑘, vertical reinforcement 
crossing the shear plane, 𝐴𝑠𝑘, and horizontal reinforcement in the stemwall, 𝐴𝑠ℎ, are 
determined based on Equations (4-2) to (4-5). 
(4-2)     𝐹𝑠𝑘 =  α 𝑃𝑑𝑙
𝑠𝑢𝑝
  
(4-3)     0.5 ≤ α ≤ 1.0  




(4-5)    𝐴𝑠ℎ = 2.0 × A𝑠𝑘(𝑝𝑟𝑜𝑣𝑖𝑑𝑒𝑑)  
where 𝑃𝑑𝑙
𝑠𝑢𝑝




Figure 4-11- Isolated shear key (SDC, 2013) 
Isolated shear key is used as the type of shear key used at the bridge abutments in this 
study. The response of isolated shear key shows an initial high stiffness followed by 
kinking of the vertical reinforcement that causes the gradual increase in the capacity. At a 
higher displacement, the vertical reinforcements rupture, indicating the failure of the 
shear key. An ongoing investigation at the University of California, San Diego (Kottari, 
et al., 2014) provided the present study with preliminary nonlinear load-displacement 
curves for the isolated shear keys. “ElasticPPGap” uniaxial material along with the 
“TwoNodeLink” element is utilized to model this behavior. The material allows the 
definition of the bilinear properties as well as the initial gap (Figure 4-12). The element is 





Figure 4-12- Load-displacement curve of the isolated shear key, recommended by Kottari, et al. 
(2014) 
 Modeling of Soil-Structure Interaction 
When the bridge superstructure moves tangentially toward the abutment during a 
seismic event, a soil wedge behind the abutment is mobilized in passive direction. 
Moreover, the impact force at seat-type abutments results in larger soil passive pressure. 
Past research has shown that the resistance of the backfill soil is nonlinear with respect to 
the relative displacement of the backfill soil and the bridge superstructure, in strong 
earthquakes (Shamsabadi, et al., 2007). The soil passive pressure affects the global 
dynamic performance of the bridge in tangential direction, while the soil active and at-
rest pressure are negligible. Therefore, the contribution of the soil-structure interaction 
should be considered in the seismic design of bridges in high seismic zones.  
SDC (2013) recommends a bilinear force-displacement model to represent backfill 
passive pressure based on Maroney (1995), Stewart, et al. (2007), and Shamsabadi, et al. 
(2007). The model includes an effective abutment stiffness that accounts for the 





al. (2007) is cited as a reference for more detailed nonlinear force-deformation 
relationship in SDC (2013) that is used in this study.  
The basic framework of the formulation is based on a mobilized Logarithmic Spiral 
(LS) failure surfaces coupled with a modified Hyperbolic (H) abutment-backfill stress–
strain behavior (LSH). Shamsabadi, et al. (2007) developed a simple Hyperbolic Force-
Displacement (HFD) equation based on LSH and experimental data. LSH and HFD are 
practical and versatile tools that can be used by structural and geotechnical engineers in 
seismic analysis of bridges. Equations (4-6) to (4-7) and Figure 4-13 demonstrate the 
practical force-displacement relationship developed and adjusted for various wall heights 
and typical cohesionless and cohesive backfill soil.  
 (4-6)    Granular backfill:           F(y) =
8y
1+3y
𝐻1.5 , 𝑦𝑚𝑎𝑥 = 0.05𝐻 
(4-7)   Cohesive backfill:            F(y) =
8y
1+1.3y
H , 𝑦𝑚𝑎𝑥 = 0.10𝐻   
𝐻 is the abutment height that engages the backfill soil in ft, 𝑦 is the displacement in 
inches, and 𝐹(𝑦) is the force expressed in kip/ft width of the wall.  
The compression-only “HyperbolicGapMaterial” in OpenSees implements the 
general hyperbolic hysteretic relationship (McKenna, et al., 2014). The hyperbolic force-
displacement model is based on work by Duncan, et al. (2001) and Shamsabadi, et al. 
(2007) with calibrated parameters from UCSD abutment tests (Wilson, et al., 2010). 




Figure 4-13- Hyperbolic force-displacement formulation 
 (4-8)    𝐹(𝑥) = 𝑥 (
1
𝐾𝑚𝑎𝑥




in which 𝐾𝑚𝑎𝑥 is the initial stiffness, 𝐹𝑢𝑙𝑡 is the ultimate passive resistance and 𝑅𝑓 is the 
failure ratio. By rewriting Equation (4-6) to (4-7) in terms of Equation (4-8), 𝐾𝑚𝑎𝑥 and 
𝐹𝑢𝑙𝑡 are obtained as given in Equations (4-9) and (4-10). These parameters are used as 
input for the “HyperbolicGapMaterial” and calculated based on the abutment height that 
engages the backfill soil.  
 (4-9)   Granular backfill:           𝐾𝑚𝑎𝑥 = 8H
1.5,    𝐹𝑢𝑙𝑡 =
8
3
𝐻1.5   
(4-10)   Cohesive backfill:                 𝐾𝑚𝑎𝑥 = 8H ,    𝐹𝑢𝑙𝑡 =
8
1.3
H   
 Modeling of Piles 
The piles are considered to provide tangential and radial stiffness to the abutment 
(Figure 4-4a). In tangential direction, piles contribute to passive resistance in addition to 
the resistance of the backfill soil. When the bridge moves away from the abutment and 
form a gap between the abutment backwall and superstructure (active tangential 
direction), piles are the only components to resist the lateral loads transmitted from the 













significant role in transmitting the forces to the surrounding soil due to their negligible 
stiffness. It is therefore CALTRANS recommendation that only the piles be considered in 
modeling the abutment radial direction.  
The nonlinear behavior of the piles (abutment in the active tangetial and radial 
directions) is described by Choi (2002). Based on his study, the lateral response of the 
piles can be modeled with a trilinear backbone curve (Figure 4-14). The initial stiffness 
of the piles is decreased when the surface soil yields. The behavior is perfectly plastic 
after the ultimate deformation is reached at 1.0 in displacement. It is assumed that the 
first yielding occurs at 30% of the ultimate deformation and the yielding force is 70% of 
the ultimate force. The ultimate lateral capacity and effective stiffness of CIDH pile (Cast 
in Drilled Hole) are assumed to be equal to 40 kips and 40 kips/in, respectively, based on 
CALTRANS (2010).  
Number of piles is controlled by the axial force demand under service load or lateral 
force demand under ultimate load. The vertical reaction at the abutment due to weight of 
the superstructure and the live load, is estimated and considered as the service load. 
CALTRANS standard plan assigns 140 kips to the compressive strength of Class140 pile. 
In the lateral direction, the combined ultimate capacity of the shear keys and bearings are 
used to determine the ultimate demand on the pile group. The ultimate lateral capacity of 
piles is assumed to be equal to 50 kips. Then the number of the pile is governed by the 




Figure 4-14- Force displacement response of the pile (Choi, 2002) 
 Modeling of Seat-Type Abutment 
Aviram, et al. (2008a, 2008b) presented different approaches to model the abutment 
response, namely roller, simplified, and spring abutment models. In the roller abutment 
model (Figure 4-15a), the single frame elastic superstructure is placed on the roller 
supports. The roller supports provide the constraints against the displacement in the 
vertical direction. This model can be used to provide a lower-bound estimate of the 
longitudinal and transverse resistance of the bridge. In the simplified abutment model 
(Figure 4-15b), the single frame superstructure is connected to the springs through a rigid 
transverse frame at the abutment. The springs in the longitudinal direction represent the 
gap and embankment fill response. The transverse springs are assigned the backfill, wing 
wall, and pile responses. In the vertical direction, the elastic springs are defined with a 
stiffness corresponding to the vertical stiffness of the bearing pads. This model ignores 
the failure of the shear keys, mass of the embankment, and the distribution of the bearing 
pads along the stemwall. A more complex model is the spring abutment model that 
includes longitudinal, transverse, and vertical nonlinear abutment response, as well as a 
𝐹𝑢 








participating mass corresponding to the concrete abutment and mobilized embankment 
soil (Figure 4-15c). The longitudinal response is based on the response of elastomeric 
bearing pads, gap, abutment backwall, abutment piles, and soil backfill material. The load 
path in the longitudinal direction depends on the impact or gap closure. Prior to gap 
closure, the forces are transmitted to the stemwall through the bearing pads. After gap 
closure, the superstructure bears directly on the abutment backwall and mobilizes the full 
passive backfill pressure (Aviram, et al., 2008b). The transverse springs represent the 
elastomeric bearing pads, exterior concrete shear keys, abutment piles, wing walls, and 
backfill material. The vertical response of the abutment model includes the vertical 
stiffness of the bearing pads in series with the vertical stiffness of the trapezoidal 
embankment. Aviram, et al. (2008b) conclued that the spring model or a similar elaborate 
model is required for short span bridges to properly capture the major resistance 
mechanisms and mass of the abutment. 
This study uses the spring abutment approach to consider the tangential, radial, and 
vertical nonlinear response of the various components at the abutment shown in Figure 4-
4a. Since PTFE/spherical bearings are considered in this study, the spring model has been 
modified to capture the corresponding load path. Figure 4-16 depicts the adopted 
modeling method (spring model) as well as the description of representative springs. 
Spring properties can be assigned in each of the three translational local degrees-of-




Figure 4-15- Configuration of (a) roller abutment; (b) simplified abutment; and (c) spring 






Spring Axis Description 
(1) 
Axial  Free, Tension; Impact, Compression 
Tangential, Radial PTFE/Spherical Bearing 
(2) 
Axial, Tangential ― 
Radial 
Shear Key, After radial gap closure, Toward wing-wall 
Free, Toward superstructure 
(3) 
Axial  Fixed  
Tangential, Radial Pile 
(4) 
Axial, Radial ― 
Tangential 
Soil, Whole depth of abutment, Passive Dir (removed after 
gap closure);  
Free, Active Dir. 
(5) 
Axial, Radial ― 
Tangential 
Impact, After tangential gap closure, Toward abutment 
backwall 
Free, Toward superstructure 
(6) 
Axial, Radial ― 
Tangential 
Soil, Abutment backwall height, Passive Dir.;  
Free, Active Dir. 
 
Figure 4-16- Abutment configuration and its components 













The tangential response of the abutment is governed by the response of 
PTFE/spherical bearings, backfill soil, piles, tangential gap, and impact. Accordingly, the 
apparent seismic load path in tangential direction depends on whether the tangential gap 
is open or closed, since the mobilized soil wedge behind the abutment is affected by 
closure of the gap. Prior to gap closure, seismic forces are transmitted through 
PTFE/spherical bearings to the stemwall, pile cap-beam, and pile group in a series 
system. In passive direction, where the superstructure moves toward the abutment, the 
backfill soil is mobilized due to the movement of aforementioned concrete block 
(stemwall, pile cap-bam, and pile group). The mobilized soil wedge along with piles 
provides the passive tangential resistance to the system. When the bridge moves away 
from the abutment (active direction), only piles contribute to the tangential response.  
After tangential gap closure, the abutment backwall is typically designed to break off 
to protect the piles and foundation from inelastic action (SDC, 2013). After the abutment 
backwall breaks, the soil behind it resists the forces due to horizontal pounding, while the 
bearing forces and inertia forces are transferred to the piles. Figure 4-17 illustrates the 
soil wedges in two phases of the load path in tangential direction of the bridge. The 
abutment backwall height is assumed to be equal to the superstructure depth. 
To model the conditional behavior of the abutment-soil interaction, two phases are 
considered. In both phases, the piles provide resistance in active, passive, and radial 
directions with trilinear lateral load-displacement backbone curve. In the initial phase, the 
PTFE/spherical bearings (spring1) transfer the seismic forces to the piles (spring3) and to 
soil (spring4) (bearings are in series with the soil and pile). The mobilized passive 
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pressure behind the abutment is developed by the total height of the abutment backwall, 
stemwall, and pile cap-beam (Figure 4-17a), which is assumed to be equal to 
2.5×backwall height. After the collision between the superstructure and abutment 
backwall (tangential gap closure, spring5), the pounding force shears off the abutment 
backwall and changes the sliding surface of the soil (Figure 4-17b). In this phase, spring4 
is removed and the piles resist the PTFE/spherical bearing and abutment inertia forces. In 
this phase, the soil behind the backwall (spring6) carries the superstructure inertia and 
impact forces.  
 
Figure 4-17-Schematic soil wedge (a) before and (b) after closure of the tangential gap 
The radial response of the abutment is governed by PTFE/spherical bearings, radial 
gap, exterior shear keys, and piles. Similar to tangential response, the seismic forces are 
transmitted through the PTFE/spherical bearings to the stemwall, pile cap-beam, and pile 
group in a series system. As stated in Section 4.4.5, piles are the only component that is 
considered in radial resistance of the abutment. When the radial gap between the 
superstructure and shear key is closed, shear key acts in parallel (spring2) with 










The vertical response of the abutment is governed by the vertical response of the 
PTFE/spherical bearing in series with the axial stiffness of the pile. PTFE/spherical 
bearings do not provide any uplift resistance. As a result, no tension impact material is 
assigned in the vertical direction of the bearings. The piles are considered to act as the 
fixed support in vertical direction. 
A participating mass corresponding to the concrete abutment and mobilized backfill 
soil develops the inertia forces at the abutment. Therefore, a nominal abutment mass 
(30% of the dead load reaction) is assigned to the nodes connecting bearings and piles 
(between springs 1 and 3) to represent the mass of the abutment concrete block and 
backfill soil. After shearing off the abutment backwall, the mass of the new engaged soil 
wedge in tangential direction is also added to the nodes connecting springs 5 and 6. It is 
assumed that the section of the soil wedge is an isosceles right triangle with the side 
lengths equal to abutment backwall height. Also, the soil wedge is assumed to form along 
the width of the abutment backwall.  
The number of nodes that represent the abutment is equal to number of girders in the 
superstructure. As a result, a group of parallel springs represents the response of soil and 
piles behind the entire abutment width. Each spring is defined by the stiffness and 
displacement capacity of the soil or pile. The force capacity is calculated by dividing the 
total force capacity of the soil or pile by the number of girders. The parallel spring system 
is equivalently model the entire abutment. The stemwall and abutment backwall are 
defined as the rigid elements. One rigid element, serves as the stemwall, connects the 
PTFE/spherical bearing (1) and shear key (2) springs to the pile (3) and soil (4) springs. 
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The tangential gap and impact (5) spring is connected to the soil spring (6) through the 
other rigid element that represents the abutment backwall. 
4.5. Analytical Bridge Model 
The preceding sections provided extensive component modeling strategies used in the 
present study. Various component level models are assembled in the system level model 
to generate the global analytical model of the bridge to be used in fragility analyses. In 
order to validate the analytical model in OpenSees, a benchmark bridge is subjected to a 
selected ground motion and the nonlinear seismic response of each component is studied. 
The intention with presenting the bridge component responses is not to facilitate drawing 
of conclusions, but rather use it as a sanity check. 
A curved benchmark bridge, discussed in Chapter 3, is selected to provide the insight 
into the component responses using NRHA. The geometric properties of the curved 
benchmark bridge and concrete box-girder superstructure are presented in Figure 3-8b 
and c. Table 2-5 shows the structural properties that are assumed in the modeling of the 
curved benchmark bridge. It is noted that all of the parameters reported in Table 2-5 are 
the median values of the respective distributions that will be used in the generation of 
fragility curves. In the model, the number of piles is governed by the lateral demand that 
leads to 13 piles (Class 140 CIDH). 
Eigen value analysis of the bridge model is performed in OpenSees and the dynamic 
characteristics of the modes are listed in Table 4-3. Figure 4-18 shows the first three 
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mode shapes. The fundamental vibration mode is governed by the transverse direction of 
the bridge. The second mode occurs in the longitudinal direction.  
Table 4-2- Structural properties of the model 
Column longitudinal reinforcement 2.25% (52#14) 
Column transverse reinforcement 1.5% (#8@3.0 in) 
Concrete design strength  4,900 psi 
Reinforcement yield strength 67.10 ksi 
Tangential gap 3.0 in 
Radial gap 0.75 in 
PTFE/spherical bearing coefficient of friction 0.075 
Shear key capacity 0.75 𝑃𝑑𝑙
𝑠𝑢𝑝
 
Soil Type Sand 
Rayleigh damping 5.0% 
 
Table 4-3- Dynamic characteristics of the bridge 
Mode Direction Period (sec) 
Mass participation 
factor (%) 
1 Transverse 0.917 83.50 
2 Longitudinal 0.801 53.34 
3 Longitudinal 0.526 38.86 
 
The curved bridge model is then subjected to Northridge ground motion (1994) 




Figure 4-18- (a) Fundamental; (b) second; and (c) third mode shape of the curved bridge 
As stated before, the grillage model can capture the displacement of the 
superstructure (Chapter 3). Figure 4-19 shows the vertical displacement of the 
superstructure at the abutment location, where the PTFE/spherical bearings do not 
provide any uplift resistance. Since the grillage method is used for modeling the concrete 
box-girder, the longitudinal members are assumed at the centerline of the girders. 
Figure 4-19 demonstrates the different vertical displacements at each girder that may lead 
to different vertical pounding forces on the bearings.  
 






The nonlinear properties of the shear key are provided by ongoing research at 
University of California, San Diego (Kottari, et al., 2014). The failure displacement of the 
selected shear key is 3.81 in and the capacity of the shear key is assumed to be equal to 
𝐹𝑠𝑘 =  0.75 𝑃𝑑𝑙
𝑠𝑢𝑝
. The element representing the shear key is activated when the radial gap 
closes (Figure 4-20). After the radial displacement of the shear key exceeds its failure 
displacement, the force capacity of the element drops to zero. Figure 4-20 shows the 
shear key response at the Abutment1. The shear key that is close to the inner girder of the 
superstructure survives from the excitation, while the shear key that is close to the outer 
girder fails. Note that the selected isolated shear key can withstand the demands even 
from the ground motion with the PGA of 0.52g.  
 
Figure 4-20- Shear key response at the Abutment1 
The moment responses of three columns are illustrated in Figure 4-21. It is assumed 
that the longitudinal displacement of the bridge generates MY (longitudinal response) in 
the columns and the transverse displacement generates MX (transverse response). Since 
the ground motion component applied in the longitudinal direction has larger PGA 
compared to the component applied in the transverse direction, the columns undergo 





shear keys fail when the bridge is subjected to the ground motion and only one survives 
at the Abutment1. After the shear key failure at the Abutment5, there is no restraint 
against radial displacement of the bridge. Hence, the transverse moment (MX) and 
torsion responses of the columns in different bents are not identical.  
 
Figure 4-21- Moment response at the base of the column in three bents 
Figure 4-22 depicts the longitudinal moment-curvature response of three columns that 
is recorded at the base of the column. Figure 4-23 shows the comparison of the 
longitudinal moment-curvature response at the top and bottom of the column in Bent2. It 
can be seen that the base of the column withstands larger moment and curvature demand. 
Figure 4-24 displays the impact phenomena at the Abutment5. The horizontal axis 
represents the relative tangential displacement of the superstructure and abutment 
backwall. The elements representing the pounding at the abutment are engaged when the 
3.0 in tangential gap between the superstructure and abutment backwall is closed. When 
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the bridge moves away from the abutment, the displacements are reported as negative 
values. Since the bridge is free to move radially at the Abutment5, asymmetric impact 
response behind the girders is observed. Moreover, the negative values of displacement 
show that the superstructure moves away from the abutment about 10 in (relative to the 
abutment).  
 
Figure 4-22- Longitudinal moment-curvature response at the base of the column in three bents 
 





Figure 4-24- Horizontal impact response behind the girder at the Abutment 5 
Figure 4-25a illustrates the coupled friction coefficient of the PTFE/spherical bearing 
in two orthogonal directions. The maximum value on both axes is 0.075 that is specified 
to the bearing as the friction coefficient at high velocity. In Figure 4-25b, the vertical 
demand on the bearing (vertical impact) is shown in the horizontal axis and the square 
root of the sum of the squares of the friction forces in orthogonal directions is shown in 
the vertical axis. Clearly, the slope of the line is a constant value equal to 0.075.  
 
Figure 4-25- Bearing response (a) coefficient of friction in orthogonal directions; (b) friction 
force versus vertical force 
Before closure of the tangential gap, piles and soil resist the bearing forces and inertia 
forces. At this stage, the abutment backwall, stemwall, and pile cap-beam engages the 





26 shows the resistance of the soil and piles, behind the outer girder at Abutment5, before 
closure of the tangential gap. The positive displacement is characterized by the 
contribution of soil wedge and piles in the passive action and the negative displacement is 
solely the response of the piles in active action. As a result, the stiffness in passive 
direction is larger than the stiffness in active direction.  
 
Figure 4-26- Tangential response of the piles and soil before gap closure, Abutment 5, Outer 
girder 
After the tangential gap closes and the abutment backwall shears off, the soil behind 
the abutment backwall resists the forces due to horizontal pounding. At this phase, piles 
are the only components that resist the bearing forces and inertia forces. Figure 4-27 and 
Figure 4-28 depict the tangential pile response and abutment backwall soil response after 
closure of the tangential gap. Although the seismic pounding between the superstructure 
and abutment backwall generates large forces relative to the pile capacity, the seismic 




Figure 4-27- The pile response after closure of the tangential gap, Abutment5, Outer girder 
 
Figure 4-28- Soil response after closure of the tangential gap, Abutment5, Outer girder 
4.6. Concluding Remarks 
In this chapter, extensive details are provided about the modeling strategies for bridge 
components: superstructure, single column bents, PTFE/spherical bearings, exterior shear 
keys, and abutments including backfill soil and piles. These models are developed based 
on experimental data and analytical studies for the components.  
The columns are modeled using the force beam-column element with an associated 
fiber section, which consists of unconfined concrete, confined concrete, and reinforcing 
steel properties. The interaction of varying axial force and biaxial moment, as well as the 
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shear and torsion stiffnesses are included in the element. In addition, a modified abutment 
configuration has been proposed to properly capture the seismic load path in both 
longitudinal and transverse direction. PTFE/spherical bearings are modeled with an 
element that captures the coupled friction properties for the shear deformation in three-
dimensional models. In the axial direction, a material with no tensile strength and high 
compressive properties represents the superstructure uplift. The force-displacment 
properties of isolated shear keys are provided by the undegoing reaserach at the UCSD 
(Kottari, et al., 2014). Modeling of the soil-abutment interaction follows the modified 
hyperbolic force-displacement (HDF) equation by Shamsabadi, at al. (2007). The 
abutment piles are assumed to act in active, passive, and transverse loading of the 
abutment. The lateral response of the piles are modeled with a trilinear backbone curve. It 
is noted that the proposed model is sufficiently flexible to allow addition of other 
elements that are not identified in this study. Finally, the grillage modeling approach is 
utilized to develop the concrete box-girder superstructure. 
Detailed nonlinear three-dimensional analytical bridge models are developed in 
OpenSees by assembling the individual bridge component models. Using a pair of 
orthogonal time histories from the PEER Transportation Systems Research Program, a 




Chapter 5: Framework for the Development of 
Analytical Fragility Functions 
5.1. Introduction 
Over the last decade, seismic risk assessment (SRA) of transportation systems has 
been widely used by many professional engineers and researchers as a means to evaluate 
structural performance, vulnerability and impact on the society due to damage to lifeline 
systems. Highway transportation systems are the key components in any transportation 
network as their primary function is to provide links between different regions and 
resources. It is therefore essential to establish a reliable process to estimate the physical 
damage to lifeline components (highway transportation systems) as a result of a seismic 
event.  
The SRA tools are used to evaluate the performance of transportation networks in 
terms of congestion, maximum delay times, and minimum restoration times. The SRA 
tools characterize the probabilistic seismic performance of highway bridges, estimate 
damage to highway bridges and consequently to the network, and predict the economic 
loss and restoration time. Seismic fragility curves are a key input into these tools that 
allow an evaluation of the potential seismic performance of bridges in the system. Thus, 
fragility curves express the conditional probability of reaching or exceeding a target 
damage state for a specific ground motion intensity measure.  
Probabilistic seismic demand analysis (PSDA) is one of the most widely accepted 
nonlinear demand estimation approach to estimate the probability of seismic demand on a 
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structural system exceeding a specified level of capacity when subjected to an 
earthquake. PSDA consists of selection of a suit of ground motions, identification of the 
class of bridges and distribution of its parameters, and subsequently nonlinear response 
history analysis of corresponding computational models. Uncertainties in the demand and 
capacity of bridges can be captured in PSDA approach. The results of PSDA are used to 
develop the probabilistic seismic demand models (PSDMs), which represent the relation 
between ground motion intensity measures (e.g. PGA, SA1) and structural responses (e.g. 
deformation, ductility) during a response history analysis. Therefore, nonlinear response 
history analyses of computational models are carried out and maximum structural 
responses are recorded to build PSDMs. In order to develop fragility curves for 
components of highway bridges, their corresponding damage states need to be identified 
and quantified statistically. Using PSDMs and probability models for both capacity and 
demand, the conditional failure probability (fragility curve) for selected structural 
responses is found. Next, the component fragility curves are combined by implementing 
the joint probabilistic seismic demand model (JPSDM) to develop the system fragility 
curves. 
Figure 5-1 shows a schematic of the fragility framework and its essential components. 
The subsequent sections in this chapter provide details about each part of the fragility 
framework. The framework for the development of analytical fragility functions includes 
defining the fragility formulation at both the component and system levels, incorporating 
the uncertainty in geometrical, structural, material properties of bridges into the FE 





Figure 5-1- Schematic of the fragility framework (Ramanathan, et al., 2015) 
5.2. Probabilistic Seismic Demand Model (PSDM) 
Seismic fragility curves represent the likelihood of a component seismic demand (𝐷) 
reaching or exceeding a specified level of capacity (𝐶) for a given intensity measure 
(𝐼𝑀), where 𝐼𝑀 typically represents of the ground motion characteristic:  
(5-1)     𝑃 = 𝑃(𝐷 ≥ 𝐶 |𝐼𝑀) 
In analytical fragility curve development, various approaches are available to estimate 
the seismic demand (𝐷), including elastic response spectrum analysis (RSA), nonlinear 
static procedure (NSP), nonlinear response history analysis (NRHA), and incremental 
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dynamic analysis (IDA). In this study, demand model is formulated using NRHA of 
various bridge structural systems subjected to a large number of ground motions. Since 
the structural response can be very sensitive to the characteristics of individual ground 
motion, several analyses are required to convolve the randomness and uncertainty 
characteristics of ground motion intensity in addition to the structural demand and 
capacity. This method is typically known as cloud approach or referred to as probabilistic 
seismic demand analysis (PSDA).  
PSDA procedure requires a set of 3D computational bridge models and a suite of 
ground motions. Computational models are generated by sampling on the statistical 
distributions for geometrical, structural, and material parameters to account for their 
epistemic uncertainties. The seismic hazard in the area of interest is reflected in the suite 
of ground motions. The computational models and ground motions are then randomly 
paired and NRHA is performed. In each analysis, the peak demand on components with 
the most significant contributions to the bridge vulnerability is recorded to develop the 
component PSDM. The result of PSDA is a probabilistic seismic demand model (PSDM), 
which relates the seismic structural demand (𝐷), for instance column curvature ductility, 
to ground motion characteristic (𝐼𝑀), such as peak ground acceleration (𝑃𝐺𝐴). Following 
the work by Cornell, et al. (2002), the relationship between 𝐷 and 𝐼𝑀 is assumed to 
follow a power model:  
(5-2)     𝑆𝐷 = 𝑎 𝐼𝑀
𝑏 
in which 𝑆𝐷 denotes the estimate of median seismic demand parameter, 𝐼𝑀 is the 
intensity measure, 𝑎 and 𝑏 are unknown regression coefficients. Equation (5-2) can be 
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simply transformed to the linear space to perform a linear regression analysis to 
determine 𝑎 and 𝑏. In the transformed space (ln(𝑆𝐷) , ln(𝐼𝑀)), the parameter ln(𝑎) is the 
vertical intercept, parameter 𝑏 is the slope of the line, and 𝛽𝐷 is the standard deviation of 
the linear regression. 
 (5-3)    ln(𝑆𝐷) = ln(𝑎) + b ln(𝐼𝑀) 







where 𝑁 is the number of response history analysis, and 𝑑𝑖 and 𝐼𝑀𝑖 are the peak 𝐸𝐷𝑃 
(e.g. column curvature ductility) and intensity measure (e.g. PGA) associated with the ith 
response history analysis. Equation (5-5) presents the estimated conditional probability of 
the seismic demand reaching or exceeding the structural capacity at a given intensity 
level: 
(5-5)   𝑃[𝐷 ≥ 𝑑|𝐼𝑀] = 1 − 𝛷((ln(𝑑) − ln(𝑆𝐷)) 𝛽𝐷⁄ ) 
where Φ(•) is the standard normal cumulative distribution function, 𝑆𝐷 and 𝛽𝐷 is the 
median and dispersion values of the seismic demand consistent with Equations (5-3) and 
(5-4). 
5.3. Uncertainty Treatment 
The sources of uncertainties and their treatment have been of interest to statisticians, 
scientists, engineers and other specialists. Uncertainties can be divided into two 
categories: aleatory and epistemic (Mc Guire, 2004). Aleatory (random) uncertainty is 
inherent in a random natural phenomenon and cannot be reduced by acquiring additional 
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data or information. Conversely, epistemic (knowledge) uncertainty results from lack of 
knowledge about some model or parameter, which can be reduced by considering 
additional data or improved information. The knowledge of experts may be useful to 
quantify the aleatory uncertainty and reduce the epistemic uncertainty.  
Most risk analysis problems involve both known statistical samples, and unknown or 
partially known mechanisms. The distinction between two types of uncertainties is not 
part of this study; however, both uncertainties should be quantified and combined into a 
single probability distribution. Bayesian probability theory allows the measurement and 
combination of randomness (aleatory) and fundamental (epistemic) uncertainties (Paté-
Cornell, 1996) and provides the confidence bounds in the fragility curve. 
One of the primary intentions of a fragility analysis is to capture the uncertainties 
inherent in seismic performance assessment and quantify probabilistically the potential 
for damage (Padgett, et al., 2008a). Uncertainty in geometric, structural, and material 
parameters in addition to uncertainty from ground motions, which tend to affect the 
demand estimate, are sources that are considered in this study. Uncertainty linked with 
component capacity estimation is dealt with in Section 5.4. Uncertainty associated with 
the geometric properties of the bridges is explicitly accounted for in developing the 
benchmark bridges in Section 2.4. 
 Ground Motion Suite 
The seismic provisions in codes and standards promote the use of response history 
analysis to estimate the seismic demands on structures. The ground motions used in the 
response history analysis should have characteristics that are representative of the seismic 
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environment of the site and local site conditions (AASHTO, 2012). Earthquake 
magnitude (M), source to site distance (R), type of faulting, soil profile, and design 
ground motion characteristics, such as near-field characteristics, should be considered in 
selecting the ground motions (AASHTO, 2012).  
In order to conduct the response history analyses to develop PSDMs and eventually 
component fragility curves, a suite of ground motions representing target geographical 
locations should be selected. Baker, et al. (2011) developed strategies for selecting 
standardized sets of ground motions for use by the Pacific Earthquake Engineering 
Research (PEER) Center’s Transportation Research Program. The new approach amis at 
selecting a set of ground motions matching both a target mean and target variance of a 
log response spectrum, as opposed to most methods which match only a mean spectrum. 
This ensured that ground motions with a range of properties are available to analysts to 
capture the aleatory variability in ground motions. The proposed ground motion sets can 
be used in a variety of applications, including analysis of structural and geotechnical 
systems at locations throughout California (or other active areas where seismic hazard is 
dominated by mid- to large-magnitude crustal earthquakes at near to moderate distances) 
(Baker, et al., 2011).  
Since the area of interest in this study is California (an active seismic region), a suite 
of 160 ground motions proposed by Baker et al. (2011) is utilized in fragility curve 
development. All ground motions were obtained from the PEER Next Generation 
Attenuation (NGA) Project ground motion library (Chiou, et al., 2008). The earthquakes 
range in magnitudes from 4.3 to 7.9 and are primarily from shallow crustal earthquakes 
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observed in seismically active regions. The suite is comprised of four sets of ground 
motions. Each set has 40 un-scaled three-component ground motions. The target spectra 
for different sets are calculated based on the target earthquake scenario. 
The first two ground motion sets named “Set #1A” and “Set #1B” represent the 
broad-band ground motions associated with moderately large earthquakes at small 
distances for a soil site (Vs30=250 m/sec), although they differ in magnitude and distance. 
Set #1A consists of three-component ground motions that their horizontal response 
spectra match the median and log standard deviations predicted for a magnitude 7 strike-
slip earthquake at a distance of 10 km and site average shear wave velocity of 250 m/sec. 
The Campbell, et al. (2008) ground motion model was used to estimate the mean and 
variance of the response spectrum. The ground motions were selected to match this target 
spectrum at the periods between 0 and 5 sec. This interval was identified as the period 
range of interest for the systems being studied in the Transportation Research 
Program. The median and log standard deviations of response spectra in “Set #1B” 
represent the target earthquake scenario with magnitude 6 strike-slip earthquake at a 
distance of 25 km and site average shear wave velocity of 250 m/sec. The third set (Set 
#2) is similar to Set #1A, except it is intended to be representative of the rock site 
(Vs30=760 m/sec). The last set of ground motions (Set #3) was selected to have strong 
velocity pulses that might be expected at sites experiencing near-fault directivity (Baker, 
et al., 2011). 
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5.3.1.1. Horizontal Components of the Earthquake Records 
Figure 5-2 depicts the distribution of magnitude, distance, PGA, and SA1 for all the 
ground motion records in the suite regardless of the set. Note that the reported PGA and 
SA1 are the geometric means of two horizontal components of the ground motion. It is 
clear that the selected records cover a wide range of significant ground motion 
parameters. Figure 5-3 and Figure 5-4 show the comparison between average acceleration 
spectrum for each set as well as distribution of the geometric mean of acceleration 
spectrum for individual ground motions. Figure 5-5 reveals the distribution of the 
geometric mean of PGA and SA1 of the two components for each set.  
 






Figure 5-3- Average spectrum (Geometric mean of horizontal components) of each set 
(a) (b)
(c) (d) 
Figure 5-4- Geometric mean of response spectra (horizontal component) of (a) Set #1A; (b) Set 
#1B; (c) Set #2; and (d) Set #3 
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As mentioned before, the ground motions in Set #3 are expected to occur in near fault 
regions, whose major energy comes from a small number of high energy pulses. They 
have strong velocity pulses in the strike-normal direction due to directivity effect. Strike-
parallel velocities are generally smaller, with one exception, which is Chi-Chi TCU068 
earthquake. The earthquakes vary in magnitudes from 6.19 to 7.62 and with epicentral 
distance from 17.9 to 86.3 km. Figure 5-6 depicts the distribution of the peak ground 
velocity of each component. SN represents strike-normal component, while SP stands for 
strike-parallel component of the ground motion. 
(a) (b) 
(c) (d) 
Figure 5-5- Distribution of horizontal PGA and SA1 in (a) Set #1A; (b) Set #1B; (c) Set #2; and 




Figure 5-6- Distribution of PGV in two horizontal components of ground motion in Set #3 
5.3.1.2. Vertical Component of the Earthquake Records 
It has been commonly assumed that vertical ground motions do not have a significant 
impact on the response of a bridge (Kim, et al., 2011). As a result, current bridge design 
codes do not explicitly address the bridge response to vertical motions. Vertical 
acceleration is considered by SDC (2013) only for sites where the PGA is at least 0.6g. 
The vertical effect is modeled by applying a uniform vertical force equal to 25% of the 
dead load applied upward and downward. Button, et al. (2002) found that if the bridge 
site is located within 10 km of a fault, the variations in column axial loads and 
superstructure moments and shear should be included in the design. Since the suite of 160 
ground motions proposed by (Baker, et al., 2011) is comprised of horizontal and vertical 
components, the vertical component of the ground motions has been included in the 
analyses. The average spectrum of vertical component as well as the distribution of the 





Figure 5-7- Average spectrum (vertical component) of each set 
(a) (b)
(c) (d) 
Figure 5-8- Distribution of horizontal PGA (PGAH) and vertical PGA (PGAV) in (a) Set #1A; (b) 
Set #1B; (c) Set #2; and (d) Set #3 
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Horizontal components of earthquake ground motion are more of a consequence of S-
waves, while the vertical component is the reaction to P-waves with shorter wavelength 
compared to S-waves. As a result, the vertical ground motion has higher frequency 
content than horizontal ground motion that tends to amplify the vertical response of the 
structure in the short period range (Kim, et al., 2011). From Figure 5-9, it is clear that the 
vertical acceleration is more intense in shorter period range than longer period range of 
the spectrum. Some design codes suggest that the vertical spectrum can be derived 
directly from the horizontal component by applying a uniform scale factor. However, the 
shapes of the spectra are not similar in the short period range that does not necessarily 
agree with the code recommendations.  
(a) (b)
(c) (d) 
Figure 5-9- Comparison between average vertical and horizontal spectrum of (a) Set #1A; (b) Set 
#1B; (c) Set #2; and (d) Set #3 
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The vertical component of ground motion can be characterized by also the ratio of the 
vertical to geometric mean of horizontal peak ground acceleration, which is usually 
recommended as 2/3 by design codes. Figure 5-10 reveals that the vertical peak 
acceleration (PGAV) may be even higher than the horizontal peak acceleration (PGAH) in 
the selected ground motions. Set #1B and Set #2 include three ground motions that have 




Figure 5-10- PGAV versus PGAH of (a) Set #1A; (b) Set #1B; (c) Set #2; and (d) Set #3 
Relative arrival times of the peak ground accelerations in the horizontal and vertical 
components of ground motion is another characteristic that should be investigated. Kim, 
et al. (2011) suggested that arrival time of horizontal and vertical peak ground 
acceleration can be studied with respect to the distance from the recording site to 
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hypocenter. The ratio of the arrival time of PGAV to the arrival time of PGAH with 
respect to source distance, excluding one data point in Set #1B, is shown in Figure 5-11. 
The excluded data point has the arrival time ratio of 7.55. Between four sets, Set #3 has 
the least scattered relation between the arrival time ratio and source distance.  
(a) (b)
(c) (d) 
Figure 5-11- Distribution of arrival time of PGAV to PGAH with respect to source distance for (a) 
Set #1A; (b) Set #1B; (c) Set #2; and (d) Set #3 
5.3.1.3. Optimal Intensity Measure 
A PSDM is a conditional statement of the probability that a component experiences a 
demand for a given 𝐼𝑀 level. It illustrates the importance of the 𝐼𝑀 as a conditional 
parameter in the probabilistic model. The optimal selection of 𝐼𝑀 is instrumental in 
obtaining reasonable estimates of the vulnerability of various components. Several 
researchers have published multiple methods for selecting the optimal 𝐼𝑀 (Giovenale, et 
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al. (2004); Mackie, et al. (2005); Luco, et al. (2007); Padgett, et al. (2008b); 
Shafieezadeh, et al. (2012)). Giovenale et al. (2004) pointed out that “efficiency”, 
“sufficiency”, and “hazard computability” are the essential properties of a good 𝐼𝑀. In 
addition, “practicality” (Luco, et al., 2007) and “proficiency” (Padgett, et al., 2008b) are 
introduced as the properties that need to be considered in the selection of the optimal 𝐼𝑀.  
Efficiency is the amount of variability of a structural demand for a given 𝐼𝑀. A lower 
value of dispersion (βD) indicates a more efficient 𝐼𝑀. A sufficient 𝐼𝑀 ensures that the 
estimated demand model is independent of the earthquake characteristics. Practicality 
describes the dependence of the structural demand on 𝐼𝑀. A large slope in the regression 
analysis (𝑏 in Equation (5-3)) suggests more practical 𝐼𝑀. A composite measure of 
efficiency and practicality defines the proficiency measure (𝜁) that is introduced in 
Equation (5-6). Hazard computability is another test for identifying the optimal intensity 
measure. It refers to the effort required to determine the hazard curve or assess the 
probabilistic seismic hazard in terms of the proposed 𝐼𝑀. 




Shome (1999) studied the dependence of the response on multiple parameters, such as 
the spectral acceleration at higher frequencies. The criterion for selecting the optimal 
intensity measure was the dispersion. He reported that a convenient and efficient intensity 
measure for single-frequency dominated structures was the elastic-first mode spectral 
acceleration. However, the modal-participation-factor-based, weighted-average spectral 
acceleration was the best intensity measure for the multi-mode structures. Mackie, et al. 
(2003) considered various 𝐼𝑀s ranged from spectral quantities, to duration and energy 
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related quantities, to frequency content characteristics. It was found that the first mode 
spectral displacement (Sd(T1)) was the optimal 𝐼𝑀. The use of period-independent arias 
intensity was also acceptable. Baker, et al. (2006) proposed a vector-valued intensity 
measure comprising of SA(T1) and a parameter which could be the magnitude, distance, 
or epsilon associated with the ground motion. Shafieezadeh, et al. (2012) explored the 
possibility of fractional representation of the ground motion intensity by introducing a set 
of novel 𝐼𝑀s. However, the proposed 𝐼𝑀s do not satisfy the hazard computability 
measure.  
Multi-hazard loss estimation methodology (HAZUS-MH, 2011) utilized peak ground 
acceleration (PGA), peak ground displacement (PGD), and spectral displacement or 
acceleration at 1.0 sec period (Sd1 or SA1). PGA is also utilized by Nielson (2005), 
Padgett, et al. (2008b), and Abdel-Mohti (2009) for probabilistic seismic demand models 
of the bridge portfolios. In the present study, both PGA and SA1 are used as the intensity 
measures to develop PSDMs and finally fragility curves.  
 Modeling Parameters 
Based on the review of the current state of practice, concrete compressive strength, 
steel yield strength, longitudinal and transverse reinforcement of the column, tangential 
and radial gap, coefficient of friction of PTFE bearing, pile effective stiffness, abutment 
soil type and initial stiffness, shear key stiffness, damping, and mass of the superstructure 
are deemed to affect the component demands. Most of the distributions and values 
assigned to the parameters are extracted from the literature. In case of parameters, for 
which the distribution information is not available in the literature, the uniform 
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distribution is assumed. Table 5-1 summarizes the modeling parameter distributions and 
their characteristics. The uncertainty associated with the geometric properties of the 
bridges, such as span length, deck width, column height and diameter, is explicitly 
accounted in generating the benchmark bridges in Chapter 2. Latin Hypercube Sampling 
(LHS) method is used to account for the variability in modeling parameters. 
Table 5-1- Summary of uncertain modeling parameters and their characteristics 
Modeling Parameters Distribution Distribution Parameters 
Concrete Strength , psi  Normal 𝜇 = 4900 𝜎 = 627 
Steel Strength, ksi Lognormal 𝜆 = 4.21 𝜁 = 0.08 
Tangential Gap, in Uniform 𝑙 = 0.0 𝑢 = 6.0 
Radial Gap, in Uniform 𝑙 = 0.0 𝑢 = 1.5 
Mass Uniform 𝑙 = 90 % 𝑢 = 110% 
Damping Normal 𝜇 = 0.045 𝜎 = 0.0125 
Coefficient of friction for PTFE Bearing Uniform 𝑙 = 0.05 𝑢 = 0.10 
Shear Key Force Capacity Uniform 𝑙 = 50 % 𝑢 = 100% 
Pile Effective Stiffness Uniform 𝑙 = 50 % 𝑢 = 100% 
Soil Stiffness Uniform 𝑙 = 50 % 𝑢 = 100% 
Soil Type  Discrete Sand Clay 
Column Longitudinal Reinforcement, % Uniform 𝑙 = 1.0 𝑢 = 3.5 
Column Transverse Reinforcement, % Uniform 𝑙 = 1.0 𝑢 = 2.0 




5.3.2.1. Material Parameters 
Following the work done by Choi (2002), the compressive strength of the concrete is 
assumed to be normally distributed with a mean strength of 4900 psi and standard 
deviation of 627 psi. Ellingwood, et al. (1985) suggested that the yield strength of 
reinforcing bar follows the lognormal distribution with the following parameter: median, 
4.21 ksi (𝑓𝑦 = 𝑒
4.21 = 67.10 𝑘𝑠𝑖), and coefficient of variation, 0.08. These parameters 
are used in the present study to consider the uncertainty in the material properties. 
5.3.2.2. Structural Parameters 
Ramanathan, et al. (2015) classified the tangential gap between the superstructure and 
seat-type abutment backwall under the small and large gaps. Small gap, which is assigned 
to type A/B joint, ranges between 0 and 1.5 in. Large gap changes from 1.5 in. to 6.0 in in 
the strip/modular joint assembly. In this study, it is assumed that the tangential gap is 
uniformly distributed between 0 and 6.0 in. The radial gap between superstructure and 
shear key is assumed to be uniformly distributed in a range of 0 to 1.5 in. 
Mass of the bridge is one of the parameters that affect the response of the structure in 
NRHA. Hence, its uncertainty should be captured through a factor to modify the mass of 
the bridge. The mass factor accounts for the unpredictable adjustment to the bridge that 
leads to additional mass, such as parapets, barrier rails, and variable pavement thickness. 
The variability of the mass is accounted for with a uniform distribution with the bounds 
of 90% and 110% of the real mass (Nielson, 2005).  
Fang, et al. (1999) investigated the randomness or uncertainty of damping and its 
probabilistic characteristics in buildings based on full scale measurements. He showed 
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that the damping at high amplitude could be represented by the normal distribution. His 
finding is extended to the present study. The damping ratio is sampled from a normal 
distribution with mean of 0.045 and standard deviation of 0.0125. 
5.3.2.3. Component Properties 
Most of the fragility curves developed for bridges are intended to reveal the seismic 
performance of the as-built bridges over different design eras. However, major changes in 
the seismic design philosophy evolve the design attributes and details across design eras. 
Improved details and modern components acquire up-to-date insight into the seismic 
performance of the bridge as a system. Isolated shear keys and PTFE/spherical bearings 
are examples of such improved components developed by CALTRANS. Since these 
components are proposed recently, there is not enough publication on the material 
property, hysteretic response, and seismic performance of them. Thereby, the uncertainty 
of the component property is extracted from few published study and personal 
communication with CALTRANS engineers (CALTRANS, 2012-2014).  
According to the reported results by Konstantinidis, et al. (2008), the friction 
coefficient of PTFE/spherical bearing at low velocity was observed between 0.02-0.03, 
independent of the pressure. At high velocities, the value increases to 0.10 in low 
pressure condition, while it drops to 0.05 with increasing the pressure. The friction 
coefficient at low velocity is assumed constant (Section 4.4.2). It is assumed that the 
friction coefficient at high velocity fluctuates between 0.05 and 0.10. In case of 
parameters, for which the distribution information is not available in literature, uniform 
distribution is assumed.  
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As stated in Section 4.4.3, the force capacity of the shear key is allowed to vary in a 
range from 50% to 100% of the superstructure dead load reaction at the abutment (SDC, 
2013). These values along with uniform distribution are used to consider the uncertainty 
in the shear key properties.  
In some of the earlier previous fragility studies (e.g. Choi, 2002), an effective 
stiffness of 40 kip/in/pile with the uniform distribution (50% to 150% as the lower and 
upper level) was used to model the concrete piles. However, Ramanathan, et al. (2015) 
used an effective stiffness of 80 kip/in/pile with a lognormal distribution. In this study, 
the pile effective stiffness is assumed to follow the uniform distribution with 50 
kip/in/pile as a deterministic value. The lower and upper levels are 50% and 150% of the 
deterministic value. In this manner, the effective stiffness covers both aforementioned 
ranges. Soil type, sand versus clay, affects the hyperbolic force-deformation response of 
the soil in terms of initial stiffness, ultimate strength, and ultimate deformation. Soil type 
is treated as a parameter with discrete distribution between sand and clay. Soil stiffness is 
calculated based on the Equations (4-9) and (4-10) as a deterministic value. Similar to the 
pile stiffness, soil stiffness is distributed uniformly within 50% and 150% of the 
calculated deterministic value.  
The longitudinal and transverse reinforcement ratios in the bridge columns are 
sampled from uniform distributions with limits established based on the 
recommendations by CALTRANS design engineers (CALTRANS, 2012-2014). The 
lower and upper bounds of the longitudinal reinforcement ratios are 1.0% and 3.5%, 
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respectively. The transverse reinforcement ratio is varied within the bounds of 1.0% to 
2.0%.  
 Parametric Finite Element Models 
The previous sections summarized the uncertain parameters associated with 
geometric, material and structural parameters of the bridge as well as randomness in 
ground motions, which tend to affect the seismic response of the bridge class. The 
uncertainties that would be from either ground motion suite or structural modeling should 
be incorporated in deriving PSDMs in order to develop the reliable fragility curves. From 
different methods for selecting the values of input variables, McKay, et al. (2000) 
compared three methods, including random sampling, stratified sampling, and Latin 
hypercube sampling (LHS). Between three methods, LHS is capable of sampling when 
certain conditions hold. LHS provides a stratified sampling scheme rather than the purely 
random sampling, providing a more efficient means for covering the probability space 
than naïve Monte Carlo simulation (Celik, et al., 2010).  
Adopting LHS for sampling over the geometric, material and structural parameters of 
the bridge along with 36 straight benchmark bridges, 160 computational bridge models 
are generated. The number of samples is selected to be consistent with the suite of ground 
motions. Sample bridges are then randomly paired with 160 ground motions to create the 
bridge-ground motion pairs. The same bridge-ground motion pairs are used for different 
subtended angles, which are investigated in this study. Note that each straight bridge is 
equivalent to the corresponding curved bridge (Figure 2-5). In other words, all of the 
bridge properties are assumed identical, except the radius (or the horizontal curvature) of 
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the bridge. In each case, NRHA is performed and the peak responses of various 
components are recorded to estimate the regression coefficients to develop PSDM 
between the peak demand and ground motion intensity measure. The components, which 
PSDMs are developed for, are representative of vulnerability of the bridge system.  
5.4. Engineering Demand Parameters (EDPs) and Limit States 
The aforementioned PSDM formulation is aimed at developing the fragility curve for 
various bridge components (engineering demand parameter, 𝐸𝐷𝑃) individually and then 
combining them to develop the system fragility curve. 𝐸𝐷𝑃s represent critical component 
responses, which their failure to proper function affects the operational or functional 
performance of the bridge. The component responses are monitored during seismic 
excitation in order to investigate the seismic performance and develop the relationship 
between the peak response and the ground motion intensity measure. 
The bridge EDPs can be related to global parameters, or to intermediate parameters, 
or to local parameters, such as drift ratio, cross sectional curvature, and material strains 
(Mackie, et al., 2005). The components that are considered to contribute to the 
vulnerability of bridges are column, abutment support length, PTFE/spherical bearing, 
shear key, pile, and abutment backwall soil. The components and associated monitored 
𝐸𝐷𝑃s are shown in Table 5-2. 
Seismic fragility curves are developed for multiple limit states. Individual component 
limit state represents a significant change in the response of the component that results in 
different seismic, functional, or operational performance of the component and bridge 
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system. In other words, the term 𝐶 in Equation (5-1), which is defined as specified level 
of capacity, stands for different limit states of the component.  
There are two approaches for assessing the component limit state, namely prescriptive 
and descriptive. In the prescriptive approach, an analyst correlates the functional levels of 
the component based on the physics of the problem (physics based). The descriptive 
method deals with the decision maker or inspector judgment to classify the functionality 
level of the component and bridge (survey based). The Bayesian approach is then 
employed to integrate the limit states resulted from two approaches into a single limit 
state.  
Table 5-2- Engineering demand parameter and monitored response 
Component Response 
Column Curvature ductility 




Shear key Radial displacement 
Abutment Pile 
Tangential displacement (passive, active) 
Radial displacement 
Abutment Backwall Soil Tangential passive displacement 
 
It is generally assumed that the seismic capacity follows the lognormal distribution 
and is represented by 𝑆𝐶 (estimate of median seismic capacity parameter) and 𝛽𝐶 
(dispersion of the capacity). When both the seismic demand and the structural capacity 
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are expressed by lognormal distribution, the fragility equation takes the form introduced 
in equation (5-5). To estimate the probability of a component seismic demand (𝑆𝐷) 
reaching or exceeding the specific limit state (𝑆𝐶) for a chosen intensity measure (𝐼𝑀), 
equation (5-5) can be rewritten as equation (5-7).  
 (5-7) 𝑃[𝐷 ≥ 𝐶|𝐼𝑀] = 𝛷 ((ln (𝑆𝐷 𝑆𝐶)⁄ )/√𝛽𝐷
2 + 𝛽𝐶
2) = 𝛷 ((ln(a IMb) − ln(𝑆𝐶)) √𝛽𝐷
2 + 𝛽𝐶
2⁄ ) 
Commonly, the component fragility curve is reported by the median (𝜆𝑐𝑜𝑚𝑝) and 
dispersion (𝜁𝑐𝑜𝑚𝑝) values, which are presented in Equation (5-8). It must be noted that 𝑆𝐶 
and 𝛽𝑐 are defined based on the component limit state under consideration that leads to 
multiple median and dispersion values describing different limit states.  














Consistent with risk assessment hazard tools, such as HAZUS-MH (HAZUS, 2003) 
and REDARS (Werner, et al., 2003), four limit states- minor/slight (LS1), moderate 
(LS2), extensive (LS3) and complete (LS4) - are considered to evaluate the functionality 
of a bridge in component and system level. The capacity limit states for each component 
should be defined so that they are compatible with corresponding limit states for the 
system level (bridge). In other words, achieving a particular limit state for one component 
should have similar impact on the functional and operational performance of the entire 
bridge system as achieving the limit state for another component (Padgett, et al., 2008a). 
In this manner the repair time and cost in the aftermath of the earthquake, which is the 
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objective of the seismic risk assessment, can be evaluated. Following is the general 
description of each limit state. 
LS1 is a level that aesthetic damage of the component occurs. The first limit state 
does not necessarily require the structural repair and affect the bridge functionality. At 
LS2, a repairable damage occurs in the component that leads to minor disturbance to 
operational status of the bridge. The next limit state (LS3) represents the extensive 
damage develops in the component, which demands an extensive repair strategy and 
results in major functional damage. Component should be replaced to restore its 
functionality at LS4, meaning the most repair cost and time.  
Since the scope of this study is California bridges, the strategy for defining the 
component and system limit states are adopted from Ramanathan (2012) and 
Ramanathan, et al. (2015), which are in alignment with CALTRANS design and its 
operational experience. The components are categorized based on their roles for vertical 
stability and load carrying capacity of the bridge. Column and abutment support length 
are two components that contribute primarily to the vertical stability of the bridge. 
Extensive damage of these components leads to the strict restriction of the bridge 
functionality (LS3). In addition, the column failure or unseated superstructure results in 
the closure of the bridge (LS4). However, damage or failure of the other components, 
such as bearing and shear key, may force the limitations on traffic speed and volume in 
order to repair or replace the component. Hence, the limit states of the column and 
abutment support length have been extended to four limit states (up to complete), while 
the other components have only two limit states.  
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Most of the fragility assessment studies reveal the vulnerability of the bridges belong 
to the design eras with lack of knowledge about the concept of ductility. The 
vulnerability of these bridges is rooted in short support lengths at the abutment, 
insufficient column confinement and non-ductile column details result in shear failure. 
The present study intends to develop the fragility curves for the bridges designed 
according to the most recent codes; hence, all the component limit states are defined 
based on the new design concepts and details (Table 5-3). The uncertainty associated 
with the median values is assumed to be equal to 0.35 across all the components for all 
the limit states due to lack of information to quantify it more accurately. This value 
conforms to the reported results by (Berry, et al., 2004) for the columns in the PEER 
structural performance database.  
Table 5-3- Engineering demand parameter and limit states 




















































Column Curvature Ductility CC 1.0 4.0 8.0 12.0 0.35 
Support Length Tangential Disp. (in) SW 2.0 6.0 14.0 21.0 0.35 
Bearing 
Tangential Disp. (in) BT 3.0 5.0 NA NA 0.35 
Radial Disp. (in) BR 3.0 5.0 NA NA 0.35 
Pile, Abutment 
Tangential Disp. (in) PT 1.5 4.0 NA NA 0.35 
Radial Disp. (in) PR 1.5 4.0 NA NA 0.35 




 Column Curvature Ductility 
Curvature ductility is the representative of the seismic demand placed on the 
columns. The limit states assigned to this 𝐸𝐷𝑃 are cracking of cover concrete (LS1) and 
minor cover spalling concentrated at the top and bottom of the column (LS2). LS3 refers 
to major spalling, including large shear cracks, exposed core and reinforcement yield in 
the column. Loss of confinement, crushing of the inner core, longitudinal bar buckling or 
rupture, and large residual drifts are the indicators for LS4. Many experimental and 
analytical studies on the seismic performance of bridge columns with various detailing 
are available (Berry, et al., 2003; Mackie, et al., 2005; Saini, et al., 2013).  
Berry, et al. (2003) utilized 450 experimental results from the UW-PEER reinforced 
concrete column performance database to define the quantitative link between the 
deformation and the onset of particular damage states in flexure-dominant reinforced 
concrete columns. Mackie, et al. (2005) proposed an experimental damage model for bar 
buckling limit states including column properties, such as column height and diameter. 
Saini, et al. (2013) correlated the performance level of a bridge column to six possible 
damage states, as follows: (1) flexural cracks, (2) minor spalling, (3) extensive spalling, 
(4) visible lateral or longitudinal bars, (5) imminent core failure, and (6) failure/fractured 
bars. The damage states by Ramanathan, et al. (2015) are implemented in this study. 
Table 5-4 presents four median values (𝑆𝑐) associated with the column limit states, 





Table 5-4- Limit state of the column (Ramanathan, et al., 2015) 
Limit 
State 





LS1 1.0 Cracking None Seal and paint 
LS2 4.0 
Minor cover spalling 
concentrated at the top and 




removal and patch, 
seal and paint 
LS3 8.0 
Major spalling; exposed core, 
confinement yield (no rupture) 
Possibly shoring 
Major concrete 
removal and patch, 
add Class-F jacket 
LS4 12.0 
Loss of confinement, 
longitudinal bar buckling or 




if to re-open 
Replace column or 
bridge 
 
 Support Length 
Bridge classes with seat-type abutments have a potential for unseating at the 
abutments. Support length stands for unseating potential in tangential direction of the 
bridge when the bridge moves away from the abutment backwall. Ramanathan, et al. 
(2015) correlated the limit states for the abutment joint seat to support length and joint 
gap. The support length and joint gap dictate the unseating potential and pounding 
damage potential, respectively. The first and second limit states represent the 
approximate tangential gap width and 300% of the gap width that corresponds to the 
initiation of the joint pounding and significant level of pounding. The last limit state is set 
to a value 3 in less than the minimum support length. LS3 is considered as two-thirds of 
the last limit state (Ramanathan, 2012; Ramanathan, et al., 2015). Figure 5-12 




Figure 5-12- Support length (AASHTO, 2011) 
 PTFE/Spherical Bearing and Shear Key Displacements 
Most of the fragility studies on bridges considered elastomeric bearings at seat-type 
abutments in concrete box-girder bridges. As a result, the limit states for PTFE/spherical 
bearings are extracted from the component experiment that has been conducted by 
Konstantinidis, et al. (2008). He reported that when the deformation of the 
PTFE/spherical bearing reaches to 3 in, the PTFE requires inspection due to minor wear 
(slight damage state, LS1). Moreover, imminent wear and resurfacing of the PTFE occurs 
at 5 in displacement that is considered the moderate damage state (LS2). Damaged 
isolated shear key is easily repaired or replaced, thus its failure has slight effect on the 
overall bridge performance and can be considered as the slight limit state. Average failure 
displacement of 3 in is assigned to the limit state of the shear key based on the ongoing 
study at the University of California, San Diego (Kottari, et al., 2014). This value is also 
similar to the corresponding value for the slight limit state of the PTFE bearing.  
 Pile and Soil Displacements 
Since the abutment backwall is designed to break off at the first impact, the first limit 
state (slight) for abutment backwall-soil interaction is defined as the average of 2% of 
deck thicknesses in all benchmark bridges (ATC/MCEER, 2002). Average maximum 
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displacement of abutment backfill soil (Equations (4-6) and (4-7)) across all bridge 
models is considered as the second damage state for the soil. In the previous fragility 
assessment studies (e.g. Nielson (2005)), different limit states are considered for active, 
passive, and radial responses of the abutment. According to the proposed abutment 
configuration, the nonlinear force-deformation properties that are assigned to the piles are 
identical in active, passive, and radial directions. In addition, in passive direction the pile 
springs perform in parallel with the soil springs before closure of the tangential gap, 
albeit they are independent of the soil behavior after gap closure. Since inspection, repair, 
or replacement of the piles do not depend on the directivity of the damage, the limit states 
for the pile response in tangential (envelope of passive and active) and radial directions 
are conservatively taken equal to the active response limit states suggested by 
Ramanathan (2012).  
5.5. Bridge System Limit States 
The capacity limit states for the various bridge components address the consequence 
of the component structural damage on the performance of the bridge in the aftermath of 
the earthquake. The total loss associated with an individual bridge after an earthquake is 
the summation of the component damage, or direct losses, and the loss of functionality, 
or indirect losses. The performance of the bridge reflects the emergency response 
strategy, repair cost and time, traffic function loss, and downtime loss.  
There are two categories of decision criteria (Mackie, et al., 2005). First, a bridge 
functional decision criterion may be defined as the post-earthquake operational state of 
the bridge. This implies a graded system of performance objectives involving lane 
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closures, reduction in traffic volume, or complete bridge closure that is useful for traffic 
network modeling. The loss of function can be assessed directly after an earthquake as 
well as at several stages of repair. The recovery of functionality over time plays an 
important role in the highway network simulations. Second, a bridge repair decision 
criterion is the time and cost of bridge repair and restoration. The present study focuses 
on the former, which is the operational state of the bridge in the aftermath of an 
earthquake. 
As the intent of the present study is to investigate the modern highway bridges in 
California, the damage state definitions for the component and system levels are adopted 
consistent with CALTRANS design and operational experience (Ramanathan, 2012; 
Ramanathan, et al., 2015). Accordingly, bridge components were categorized into two 
classes, primary and secondary. Primary components contribute to the vertical stability 
and load carrying capacity of the bridge (column and abutment support length). Damage 
to the primary components may lead to the strict restriction of the bridge functionality. 
Column failure or superstructure unseating leads to the closure of the bridge. However, 
damage or failure of the secondary components does not require closure, but it may force 
the limitations on traffic speed and capacity. As a result, the limit states of the column 
and abutment support length have been extended to four limit states, while the other 
components have only two limit states in Table 5-3. To merge the effect of component 
damage into the bridge limit state, Table 5-5 is considered to achieve the similar 
consequence in terms of bridge operational status in the aftermath of an earthquake. The 
limit states of the primary components map directly to the system limit states, while the 
secondary components only involve in the first two limit states of the system.  
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To estimate the bridge system level fragility, Nielson, et al. (2007) proposed the use 
of joint probabilistic seismic demand models (JPSDMs) to combine the component 
fragility curves and develop the system fragility curves. To estimate the system fragility 
curves through the JPSDM, the correlation between various components should be taken 
into consideration. In order to do that, the matrix of correlation coefficients between 
responses has been assembled, considering the transformed lognormal space. Nielson 
(2005) found that the correlation between demands did not vary significantly across a 
range of different intensities. As a result, constant correlation coefficients for the demand 
models across the entire range of intensity levels can be assumed, while capacity samples 
are drawn from the capacity model with 100% correlation across limit states.  
The vulnerability of multiple components is considered, which are column, abutment 
support length, PTFE bearing, exterior shear key, pile, and backfill soil (Table 5-2). The 
maximum response of the components along with the intensity measure have been used 
to develop the component PSDM (demand-𝐼𝑀 relation), assuming the lognormal 
probability model. Using the assembled matrix of correlation coefficients between 
various component responses, samples are drawn from demand and capacity models for a 
particular 𝐼𝑀 (Joint Probabilistic Seismic Demand Models, JPSDM, and Monte Carlo 
simulation). Given the series system assumption (Equation (5-9)), the probability of 
demand exceeding the capacity for the bridge system is evaluated. This procedure is 
repeated for a relevant range of 𝐼𝑀 and then the regression analysis is performed to back 
calculate the lognormal distribution parameters for the bridge (system) (𝜆𝑠𝑦𝑠 and 𝜁𝑠𝑦𝑠) 
(Equation (5-10)). Note that the number of components involved in the system changes 
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according to the desired limit state. The system fragility parameters are used to evaluate 
the vulnerability of the bridge in various limit states, which will be discussed in the 
following chapters.  
(5-9) 𝑃𝑆𝑦𝑠𝑡𝑒𝑚,𝐿𝑆 [𝐷 ≥ 𝐶|𝐼𝑀] = 1 − ∏ (1 − 𝑃𝐶𝑜𝑚𝑝𝑜𝑛𝑒𝑛𝑡𝑖 ,𝐿𝑆 [𝐷 ≥ 𝐶|𝐼𝑀]
𝑛
𝑖=1 )) 
𝑛 =  𝑁𝑂. 𝑜𝑓 𝑐𝑜𝑚𝑝𝑜𝑛𝑒𝑛𝑡 𝑖𝑛 𝑡ℎ𝑒 𝐿𝑆 
 (5-10)  𝑃𝑆𝑦𝑠𝑡𝑒𝑚[𝐷 ≥ 𝐶|𝐼𝑀] = 𝛷 ((ln(IM) − ln(𝜆𝑠𝑦𝑠)) 𝜁𝑠𝑦𝑠⁄ ) 
5.6. Concluding Remarks 
In order to develop the analytical fragility curves for bridges, a suitable fragility 
framework is necessary. The first step is to develop the probabilistic seismic demand 
model for each component to describe the engineering demand parameter in terms of 
intensity measure. Probabilistic seismic demand analysis aids in seismic risk assessment 
of structures with uncertainties in both capacity and demand. In its implementation in this 
study, it consists of selection of a suite of ground motions, identification of class of 
bridges and establishment of the statistical distribution of parameters that are related to 
geometry, material, etc. The parametric nonlinear finite element models are then 
developed and subjected to the ground motions with varying intensities to record the peak 
response of various components to estimate the PSDMs parameters. To develop the 
fragility curves at the component level, the component capacities in various limit states 
should be estimated. Then, the component capacities are mapped in the system level limit 
states in order to address the consequence of the component structural damage on the 
143 
 
performance of the bridge (system) in terms of operational and functional status in the 




Chapter 6: Component and System Fragility Curves 
6.1. Introduction 
Seismic risk assessment provides an insight into the expected damage in terms of 
metrics such as cost, time, and serviceability in the event of an earthquake. SRA is also 
performed as a decision-making aid in both pre- and post-earthquake mitigation 
strategies, safety, and management. Fragility curves, which demonstrate the likelihood of 
a seismic demand reaching or exceeding a specified level of capacity, play a significant 
role in risk assessment. Fragility curves at the component and system levels assist in 
assigning the inspection priorities to components as well as in assessing the post-
earthquake serviceability condition of components and bridges.  
When fragility assessment is performed using nonlinear response history analysis 
(NRHA), probabilistic seismic demand models (PSDMs) are used to describe the 
relationship between ground motion intensity and response measure of demand. The 
development of PSDMs includes simulation of suites of analytical bridge models that 
reflects various sources of uncertainty affecting the demand placed on the bridge. The 
system vulnerability can be obtained by considering the vulnerability of multiple 
components and convolving the individual PSDMs to develop a joint probabilistic 
seismic demand model (JPSDM).  
This chapter implements the framework, presented in Chapter 5, for the development 
of analytical fragility functions. In the previous chapter, 160 statistical bridge samples 
from 36 straight benchmark bridges were developed and randomly paired with 160 
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ground motions. Afterwards, four groups of curved bridge-ground motion pairs with 
different subtended angles (30, 60, 90, and 120) are developed, hence 800 bridge-ground 
motion pairs in total. Note that each straight bridge is equivalent to the corresponding 
curved bridge (Figure 2-5). Fragility curves at both the component and system levels are 
developed to investigate their vulnerabilities when the bridge is subjected to different sets 
of ground motions. In addition, the dependence of the fragility curves on soil condition 
and also subtended angle of the bridge is presented. The nomenclature introduced in 
Chapter 5 is used to present the results.  
The effect of subtended angle on the components and system is investigated by 
comparing the median values of the fragility curves (𝜆𝑐𝑜𝑚𝑝 and 𝜆𝑠𝑦𝑠). The median values 
are calculated for all of the subtended angles (0, 30, 60, 90, and 120) across all limit 
states. Next, the variation in the median value relative to the median value for the straight 
bridge (zero subtended angle) is calculated (𝛿) for each component (Equation (6-1)). This 
value represents the effect of subtended angle on the performance of components in each 
limit state.  
(6-1) ?̅?
𝛼,𝑖,𝐿𝑆,𝐼𝑀
= ((𝜆𝛼,𝑖,𝐿𝑆,𝐼𝑀 –  𝜆0,𝑖,𝐿𝑆,𝐼𝑀) 𝜆0,𝑖,𝐿𝑆,𝐼𝑀⁄ )% {
 𝛼 ∈   { 30, 60, 90, 120 }
𝑖 ∈ {𝐶𝐶, 𝑆𝑊, 𝐵𝑇, 𝐵𝑅, 𝑃𝑇, 𝑃𝑅, 𝑆𝑇, 𝑆𝑦𝑠}
𝐿𝑆 ∈   { 1, 2, 3, 4 }
𝐼𝑀 ∈   { 𝑃𝐺𝐴, 𝑆𝐴1 }
 
6.2. Ground Motion Set #1A 
In this section, the fragility curves are developed for single frame concrete box-girder 
bridges with seat-type abutment and single column bent (introduced in Chapter 2), when 
subjected to Set #1A. Set #1A consists of three-component ground motions that their 
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horizontal response spectra match the median and standard deviations predicted for a 
magnitude 7 strike-slip earthquake at a distance of 10 km and site average shear wave 
velocity of 250 m/sec (Section 5.3.1). 
 Component Level 
Appendix A documents the regression parameters and standard deviations of various 
components for both intensity measures (PGA and SA1) and for different subtended 
angles. Appendix B lists the fragility parameters at the component level. Figure 6-1 
shows the fragility curves for all of the components in four limit states (Chapter 5). The 
fragility curves of piles in tangential direction have not been shown, since the 
corresponding median values in multiple limit states are greater than 10.0g.  
 




(b) Support length 
 
(c) Bearing tangential displacement 
 




(e) Pile radial displacement 
 
(f) Passive tangential displacement of abutment backwall soil 
Figure 6-1- Component fragility curves in Set #1A 
The following summarizes the observations made for bridges subjected to Set #1A: 
1- Including the effect of horizontal curvature in the fragility curves increases the 
seismic vulnerability of bridge columns, support lengths, and PTFE bearings (Figure 6-
1a, b, c, and d). Table 6-1 presents the variation in the median fragility value for each 
component in the curved bridge relative to the median value for the component in the 
straight bridge (𝛿). Due to negligible contribution of abutment backwall soil and piles in 
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the system fragility curves, which will be discussed in the following section, those 
components are not listed in the table. 
Table 6-1- Variation in 𝜆
𝑐𝑜𝑚𝑝
 of the curved bridge relative to 𝜆
𝑐𝑜𝑚𝑝
 of the straight bridge, 𝛿, Set 
#1A 
𝛼 LS 
𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏 
CC SW BT BR CC SW BT BR 
30 
1 0.62 8.32 10.78 6.75 0.61 8.67 10.65 5.85 
2 2.07 13.04 11.44 7.70 1.41 12.16 10.42 5.80 
3 2.79 16.51 ― ― 1.81 14.77 ― ― 
4 3.21 18.13 ― ― 2.04 15.99 ― ― 
60 
1 2.49 17.44 19.86 10.36 2.51 18.84 20.61 9.45 
2 5.27 21.78 21.22 13.35 4.19 20.81 20.81 11.31 
3 6.63 24.98 ― ― 5.02 22.30 ― ― 
4 7.42 26.46 ― ― 5.51 23.01 ― ― 
90 
1 4.69 23.18 25.44 12.99 4.71 25.64 27.56 12.04 
2 8.38 24.89 26.23 17.83 7.69 25.77 27.74 15.87 
3 10.17 26.19 ― ― 9.15 25.88 ― ― 
4 11.20 26.80 ― ― 9.99 25.93 ― ― 
120 
1 6.92 27.22 29.34 16.60 6.91 30.19 32.18 15.97 
2 11.27 28.60 30.15 24.15 10.78 30.38 32.63 22.72 
3 13.37 29.66 ― ― 12.65 30.53 ― ― 




2- The median PGA value of the slight and complete limit states associated with the 
column curvature ductility (Table B-1) decreases from 0.222g to 0.206g (6.9%) and 
1.012g to 0.865g (14.6%), respectively, when the subtended angle increases from 0 to 
120°. The median SA1 value follows a similar trend, for instance, it decreases from 
1.312g to 1.132g (13.7%) in the complete limit state. 
3- For the support length, the median PGA value for LS1 decreases from 0.319g for 
straight bridges to 0.232g (27.2%) for curved bridges with 120° subtended angle 
(Table B-2). For LS4, the median PGA value decreases by 30.0% from 2.090g to 1.460g. 
The median SA1 value drops from 3.712g to 2.576g (30.6%) with increasing the 
subtended angle from 0 to 120°. However, the largest reduction in the median values is 
observed when the bridge subtended angle increases from 0 to 30°. The variation in the 
median PGA value corresponding to potential unseating in bridges with 30, 60, 90, and 
120° subtended angle is 18.1% (2.090g to 1.711g), 10.2% (1.711g to 1.537g), 0.5% 
(1.537g to 1.530g), and 4.6% (1.530g to 1.460g), respectively, for LS4.  
4- The failure of the PTFE bearing in tangential direction is considered in LS2. The 
median SA1 value for this limit state drops from 1.011g to 0.681g (32.6%) with 
increasing subtended angle from 0 to 120° (Table B-3). The significant variation in the 
median value implies the effect of bridge geometry on the relative tangential 
displacement between the superstructure and abutment. Comparison of the median values 
of the bearing deformation in tangential and radial directions demonstrates that the 
bearing damage or failure occurs nearly at the similar intensity measure of the earthquake 
in two perpendicular directions.  
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5- The trend in the response of bearing in the radial direction is comparable to the 
trend of the response of bearing in the tangential direction (Table B-3 and Figure 6-1d). 
The median of the fragility curves (PGA or SA1) in various limit states decreases by 
including the subtended angle of the bridge. However, the decrease in the median values 
is less pronounced in comparison to the tangential displacement. For example, the median 
SA1 value for LS2 decreases by 22.7% from 0.962g in the straight bridge to 0.744g in the 
bridge with 120° subtended angle. 
6- From the pile fragility curves in tangential (not shown) and radial direction 
(Figure 6-1e), one can see the negligible likelihood of any damage in piles. The fragility 
curves of piles in tangential direction have not been shown, since the corresponding 
median values in multiple limit states are greater than 10.0g (Table B-4). This 
observation is consistent with the current design philosophy and practice. The pile 
displacement in tangential and radial direction is independent of the ground motion 
characteristics and bridge geometry. However, piles in straight bridges are generally less 
vulnerable than piles in curved bridges. The smallest median SA1 values for different 
subtended angles are 2.210g and 4.954g for LS1 and LS2, respectively.  
7- In all considered components, the fragility curves follow a similar pattern 
considering either PGA or SA1 as the intensity measure, except abutment backwall soil 
(Table B-5). The calculated dispersions (𝜁
𝑐𝑜𝑚𝑝
) of the abutment backwall soil with 
respect to PGA and SA1 are not similar, while other components present similar 
dispersion values for selected intensity measures (Appendix B). The variation in the 
median SA1 values for LS2 is 45.4%, when the subtended angle increases from 0 to 
120°. This shows the importance of bridge geometry and SA1 on the performance of the 
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component. However, there is no clear pattern in the fragility curves of abutment 
backwall soil with respect to subtended angle. The effect of subtended angle on the 
abutment backwall soil fragility curves is negligible when PGA is used as 𝐼𝑀 (Figure 6-
1f). For instance, the corresponding median PGA value for LS2 decreases by 2.7% from 
1.226g in the straight bridge to 1.193g in the bridge with 120° subtended angle. In 
addition, similar to piles, the abutment backwall soil is less vulnerable in a seismic event 
compared to the other components. 
8- Considering both intensity measures (PGA and SA1), subtended angle has the 
largest effect on the response of PTFE bearings in tangential direction (Table 6-1). 
Column curvature ductility is the most independent response from the subtended angle in 
both 𝐼𝑀s (Table 6-1). Performance of the column is mainly governed by the 
characteristics of the ground motions rather than the bridge subtended angle. In other 
words, the ground motions cause high curvature ductility in the column regardless of the 
bridge geometry. However, the possibility of unseating increases due to the effect of 
horizontal curvature (30% reduction in median value for LS4). Comparison of the 
fragility curves of the column and potential unseating shows that the bridge collapse due 
to the unseating is less probable than due to the column failure (Table B-1 and Table B-
2).  
9- The modern seismic details at the abutments, including PTFE bearings and isolated 
shear keys, limit the transfer of seismic forces to the piles; resulting in capacity protected 
design of the piles. The fragility curves of piles in the tangential and radial directions 
(Table B-4) demonstrate the small likelihood of damage in the piles. However, the 
required repair at the abutments after an earthquake would involve repairs consistent with 
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individual limit states for PTFE bearings, abutment backwall, and the replacement of the 
shear keys. 
 System Level 
The component fragility curves are combined following JPSDM method to develop 
the system fragility curves. Figure 6-2 and Figure 6-3 depict samples of individual 
component fragility curves along with the system fragility curve for all limit states for a 
straight bridge. It is evident that the column is the most critical component and dominates 
the system fragility curve in all limit states. In the first two limit states, all of the 
components contribute to the system vulnerability. The combination of the contributed 
responses (in series system) leads the bridge to have smaller median value than each 
component. The last two limit states correspond to vertical stability and load carrying 
capacity of the bridge. In these limit states, the probability of occurrence of unseating is 
lower than the probability of occurrence of column failure. As a result, the system 
fragility curve is entirely dominated by the column fragility curve.  
As stated in the previous section, small likelihood of damage in the piles leads to 
small to negligible contribution of this component to the system vulnerability. It confirms 
the capacity protected design philosophy of the piles. In comparison to the column, 
support length, and PTFE bearing, response of abutment backwall soil has little 
contribution to the system vulnerability. It can be concluded that pile and soil responses 
can be neglected in the procedure of developing the fragility curves of bridges that are 







Figure 6-2- Component and system fragility curves for the straight bridge with respect to PGA for 






Figure 6-3- Component and system fragility curves for the straight bridge with respect to SA1 for 
(a) LS1; (b) LS2; (c) LS3; and (d) LS4 
Table 6-2 demonstrates the comparison of the median and dispersion values for 
bridges with various subtended angles subjected to Set #1A. Clearly, the median fragility 
value decreases with increasing the subtended angle. As an illustration, when the 
subtended angle increases from 0 to 120°, the system median PGA for LS4 decreases 
from 0.980g to 0.823g (16.0%) and the median SA1 decreases from 1.300g to 1.112g 
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(14.4%). This is especially important since the current design codes and standards 
underestimate the effect of horizontal curvature on the performance of bridges. Table 6-3 
shows the increase in the median fragility value for curved bridges compared to the 
median value for straight bridges. Figure 6-4 depicts the system fragility curves for all 
subtended angles.  
Table 6-2- System fragility parameters, Set #1A 
𝛼 0 30 60 90 120 
 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 
𝑰𝑴 = 𝑷𝑮𝑨 
LS1 0.183 0.409 0.182 0.382 0.176 0.359 0.167 0.355 0.160 0.349 
LS2 0.399 0.332 0.388 0.301 0.371 0.278 0.351 0.279 0.332 0.275 
LS3 0.756 0.470 0.725 0.432 0.692 0.408 0.666 0.413 0.640 0.408 
LS4 0.980 0.489 0.936 0.449 0.892 0.424 0.858 0.430 0.823 0.424 
𝑰𝑴 = 𝑺𝑨𝟏 
LS1 0.243 0.390 0.238 0.373 0.227 0.361 0.217 0.354 0.209 0.346 
LS2 0.556 0.328 0.537 0.311 0.511 0.298 0.484 0.292 0.459 0.283 
LS3 1.009 0.427 0.983 0.412 0.947 0.397 0.906 0.389 0.869 0.379 








Table 6-3- Variation in 𝜆
𝑠𝑦𝑠
 of the curved bridge relative to 𝜆
𝑠𝑦𝑠
 of the straight bridge, 𝛿, Set #1A 
𝛼 LS 𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏  𝛼 LS 𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏 
30 
1 0.48 1.91  
90 
1 8.60 10.77 
2 2.84 3.31  2 12.14 12.88 
3 4.07 2.50  3 11.87 10.21 
4 4.45 2.51  4 12.45 10.62 
60 
1 3.72 6.33  
120 
1 12.14 13.98 
2 7.14 8.09  2 16.79 17.46 
3 8.42 6.15  3 15.28 13.84 
4 8.97 6.24  4 15.96 14.43 
 
 
Figure 6-4- Fragility curves of the bridge subjected to Set #1A for (a) PGA and (b) SA1 
Figure 6-5 summarizes the median values of bridges (𝜆𝑠𝑦𝑠) with different subtended 
angles across four limit states as a function of PGA and SA1. As the figure shows, the 





Figure 6-5- Median values of the system fragility curves for (a) PGA and (b) SA1 
Another technique to show the contribution of various components to the system 
vulnerability is to study the corresponding median values (𝜆𝑐𝑜𝑚𝑝 and 𝜆𝑠𝑦𝑠). At the 
component level, the larger median value indicates smaller contribution of the component 
to the system vulnerability. Figure 6-6 and Figure 6-7 provide the comparison of the 
component and system median values in various subtended angles across all limit states, 
excluding the pile and abutment backwall soil responses. Column curvature ductility has 
the minimum 𝜆𝑐𝑜𝑚𝑝 across the limit states and dominates the system fragility curves in 
the last two limit states. In the first two limit states, 𝜆𝑠𝑦𝑠 is smaller than 𝜆𝑐𝑜𝑚𝑝 of the 
column (curvature ductility) that demonstrates the contribution of other components to 









Figure 6-6- Median values of the component and system fragility curves with respect to PGA for 







Figure 6-7- Median values of the component and system fragility curves with respect to SA1 for 
(a) LS1; (b) LS2; (c) LS3; and (d) LS4 
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6.3. Ground Motion Set #1B 
This section presents the component and system fragility curves developed for 
bridges subjected to Set #1B. Set #1B is similar to Set #1A except that it represents the 
earthquakes with magnitude of 6 and distance to rupture of 25 km (Section 5.3.1).  
 Component Level 
Appendix A and Appendix B document the regression parameters and standard 
deviations, in addition to the fragility parameters at the component level for PGA and 
SA1. Figure 6-8 shows the fragility curves for all of the components in four limit states. 
The fragility curves of the piles in tangential and radial directions and passive tangential 
displacement of abutment backwall soil have not been shown since the corresponding 
median values in multiple limit states are greater than 10.0g. More specific details on the 
bridge components subjected to Set #1B are discussed in the following.  
 




(b) Support length 
 
(c) Bearing tangential displacement 
 
(d) Bearing radial displacement 
Figure 6-8- Component fragility curves in Set #1B 
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1- The ground motions in Set #1B place considerably less demand on the bridge 
components in comparison to Set #1A. This is due to the different target earthquake 
scenarios of these two sets. All of the bridge components reveal less vulnerability in Set 
#1B compared to Set #1A (Section 5.3.1).  
2- Comparing the proficiency measures (𝜁) of fragility curves calculated for PGA and 
SA1 (presented in Appendix B) shows that SA1 is the optimal intensity measure to 
evaluate the performance of bridge components. Hence, this section is only investigates 
the effect of subtended angle on the median SA1 value. 
3- Contrary to findings for Set #1A, the effect of horizontal curvature on the column 
performance is not clear (Table B-6). For some cases, increasing the subtended angle 
increases the column vulnerability, while in others it reduces the vulnerability. 
Nonetheless, the median SA1 values associated with the limit states in the abutment 
support length and bearings constantly decrease when the subtended angle increases 
(Table 6-4). 
4- Column in the bridge with subtended angle of 30° shows the least vulnerability 
among other subtended angles (Table B-6). The maximum change in the median SA1 is 
4.1% and 11.6% for LS1 and LS4, respectively, when the subtended angle of the bridge 
increases from 30 to 120. 
5- The median SA1 value associated with potential unseating for LS1 decreases from 
0.754g in the straight bridge to 0.467g (38.0%) in the curved bridge with 120° subtended 
angle (Table B-7). For LS4, the median SA1 value decreases by 25.9% from 11.838g to 
8.771g that describes the low possibility of unseating occurrence. It can be concluded that 
the probability of superstructure unseating is remarkably low for the bridges subjected to 
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the earthquake with magnitude of 6 and distance to rupture of 25 km (Section 5.3.1), even 
with high curvature in the horizontal plane. 
Table 6-4- Variation in 𝜆
𝑐𝑜𝑚𝑝
 of the curved bridge relative to 𝜆
𝑐𝑜𝑚𝑝
 of the straight bridge, 𝛿, Set 
#1B 
𝛼 LS 
CC SW BT BR 
𝑰𝑴 = 𝑺𝑨𝟏 
30 
1 -1.67 13.24 23.42 9.33 
2 -2.71 11.90 24.21 10.24 
3 -3.23 10.86 ― ― 
4 -3.53 10.36 ― ― 
60 
1 -0.59 26.37 34.89 11.87 
2 -0.43 22.46 35.07 12.36 
3 -0.34 19.31 ― ― 
4 -0.29 17.75 ― ― 
90 
1 1.70 32.37 39.40 11.83 
2 4.46 25.73 38.70 12.76 
3 5.81 20.16 ― ― 
4 6.60 17.35 ― ― 
120 
1 2.51 38.02 42.46 6.61 
2 5.92 32.63 41.75 7.27 
3 7.57 28.15 ― ― 




6- In the second limit state (corresponds to failure of the bearing) of the PTFE bearing 
in tangential direction, the median SA1 value drops from 2.166g to 1.262g (41.8%) with 
increasing the subtended angle from 0 to 120° (Table B-8). The significant variation in 
the median values implies the effect of bridge geometry on the relative tangential 
displacement between the superstructure and abutment. On the other hand, the 
corresponding median SA1 value in the radial direction drops from 1.104g to 1.023g 
(12.8%). It shows that the relative tangential displacement of the bearing is more 
sensitive to the bridge geometry than the relative radial displacement. Moreover, the 
characteristics of the ground motions in Set #1B place more displacement demand on the 
bearing in radial direction of the bridge in comparison to the tangential direction 
(Table B-8, Figure 6-8c, and Figure 6-8d).  
7- As observed in Section 6.2, utilizing the sacrificial exterior shear keys and 
PTFE/spherical bearings at the abutments results in transferring less demand to the piles 
(Table B-9). Moreover, the soil behind the abutment backwall reveals insignificant 
probability of damage due to low demand from the ground motions in Set #1B (Table B-
10). 
8- The column curvature is mainly governed by the ground motion characteristics 
rather than the bridge subtended angle. Moreover, comparison of the fragility curves of 
the column (Table B-6) and potential unseating (Table B-7) shows that the bridge 
collapse due to the unseating is less probable than due to the column failure. 
166 
 
 System Level 
JPSDM method combines the component fragility curves to develop the system 
fragility curve. A sample of individual component fragility curves and corresponding 
system fragility curve is shown in Figure 6-9. The fragility curves are developed for the 
straight bridge across all of the limit states. The fragility curve of bridges with various 
subtended angles demonstrate similar trend to the fragility curve of straight bridges, at 
both the component and system levels. 
Table 6-5 demonstrates the comparison of the median and dispersion values for the 
bridges with various subtended angles subjected to Set #1B. Since the system fragility 
curve is mostly dominated by the column response, the trend in the system fragility 
curves is comparable to the column fragility curves. In LS1 and LS2, straight bridge has 
the largest median value among bridges with different subtended angles, indicating that it 
is the least vulnerable bridge. As an illustration, the median SA1, corresponding to LS2, 
drops from 0.677g to 0.619g (8.5%) with increasing the subtended angle from 0 to 120°. 
However, the least vulnerable system is the bridge with 30°subtended angle in LS3 and 
LS4. The median SA1 value in LS4 decreases by 11.7% from 1.901g to 1.678g when the 
subtended angle increases from 30 to 120°. Figure 6-10 displays the system fragility 
curves of the bridges with various subtended angles. Table 6-6 provides the variation in 








Figure 6-9- Component and system fragility curves for the straight bridge with respect to SA1 for 
(a) LS1; (b) LS2; (c) LS3; and (d) LS4 
Figure 6-11 presents the median values of the bridges (𝜆𝑠𝑦𝑠) with different subtended 
angles as a function of SA1. Straight bridges and bridges with 60° subtended angle have 
comparable median values. Bridges with 30° subtended angle reveals the least 
vulnerability in LS3 and LS4, while bridges with 120° subtended angle present the most 
vulnerable bridges. Figure 6-12 provides the comparison of the component and system 
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median values in various subtended angles, excluding the pile and abutment backwall soil 
responses. Since the probability of reaching the support length to the assigned limit states 
is negligible in LS3 and LS4, 𝜆𝑠𝑦𝑠 is identical to 𝜆𝑐𝑜𝑚𝑝 calculated for the column 
curvature ductility. Effect of series system assumption is clear in the first two limit states, 
in which 𝜆𝑠𝑦𝑠 is smaller than 𝜆𝑐𝑜𝑚𝑝 of the column (curvature ductility).  
Table 6-5- System fragility parameters, Set #1B 
Subtended 
Angle 
0 30 60 90 120 
𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 
𝑰𝑴 = 𝑺𝑨𝟏 
LS1 0.242 0.518 0.244 0.503 0.237 0.480 0.227 0.474 0.221 0.475 
LS2 0.677 0.412 0.668 0.384 0.647 0.370 0.623 0.367 0.619 0.373 
LS3 1.339 0.530 1.382 0.540 1.343 0.529 1.260 0.523 1.235 0.526 
LS4 1.835 0.530 1.901 0.540 1.841 0.529 1.714 0.524 1.678 0.529 
 
 
Figure 6-10- Fragility curves of the bridge subjected to Set #1B for SA1 
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Table 6-6- Variation in 𝜆
𝑠𝑦𝑠
 of the curved bridge relative to 𝜆
𝑠𝑦𝑠
 of the straight bridge, 𝛿, Set #1B 
𝛼 LS 𝑰𝑴 = 𝑺𝑨𝟏  𝛼 LS 𝑰𝑴 = 𝑺𝑨𝟏 
30 
1 -0.83  
90 
1 6.21 
2 1.40  2 7.93 
3 -3.26  3 5.88 
4 -3.55  4 6.60 
60 
1 2.29  
120 
1 8.64 
2 4.36  2 8.49 
3 -0.31  3 7.78 
4 -0.29  4 8.58 
 
 







Figure 6-12- Median values of the components and system fragility curves with respect to SA1 
for (a) LS1; (b) LS2; (c) LS3; and (d) LS4 
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6.4. Ground Motion Set #2 
The fragility curves presented in this section is developed for the bridges subjected to 
the ground motions in Set #2. Set #2 consists of three-component ground motions that 
their horizontal response spectra match the median and log standard deviations predicted 
for a magnitude 7 strike-slip earthquake at a distance of 10 km and site average shear 
wave velocity of 760 m/sec (rock site) (Section 5.3.1).  
 Component Level 
Appendix A and Appendix B provide the details of regression coefficients and 
fragility parameters of various components. Figure 6-13 shows the fragility curves for all 
of the components in four limit states. The fragility curves of the pile in tangential and 
radial directions have not been shown, since the corresponding median values in multiple 
limit states are greater than 10.0g.  
 




(b) Support length 
 
(c) Bearing tangential displacement 
 




(e) Passive tangential displacement of abutment backwall soil 
Figure 6-13- Component fragility curves in Set #2 
The following summarizes the observations made for bridges subjected to Set #2: 
1- Including the subtended angle in the geometry of the bridge increases the seismic 
vulnerability of the bridge components as shown in Table 6-7 and Figure 6-13. 
2- The median PGA value corresponding to the column curvature ductility in the 
slight and complete limit states decreases from 0.313g to 0.285g (9.0%) and 2.280g to 
1.763g (22.7%), respectively, when the subtended angle increases from 0 to 120° 
(Table B-11). The median SA1 value follows a similar trend to PGA, for instance, it 
decreases from 1.397g to 1.136g (18.7%) in the complete limit state. 
3- In general, the probability of occurrence of unseating increases in all limit states 
when the subtended angle enlarges from 0 to 120 (Table B-12 and Figure 6-13). As an 
illustration, the median SA1 value in LS4 drops from 3.683g to 2.707g (26.5%) with 
changing the subtended angle from 0 to 120. Investigating 𝜆𝑆𝑊 in multiple limit sates 
reveals that the probability of occurrence of the last two limit states is low. In fact, 
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support length is not a concern in the bridges subjected to the ground motions on rock 
sites. 
Table 6-7- Variation in 𝜆
𝑐𝑜𝑚𝑝
 of the curved bridge relative to 𝜆
𝑐𝑜𝑚𝑝
 of the straight bridge, 𝛿, Set 
#2 
𝛼 LS 
𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏 
CC SW BT BR CC SW BT BR 
30 
1 1.85 3.66 10.48 8.54 0.99 2.73 10.16 5.05 
2 5.78 1.39 10.48 9.08 2.73 -0.21 10.32 4.39 
3 7.69 -0.40 ― ― 3.59 -2.54 ― ― 
4 8.79 -1.26 ― ― 4.09 -3.67 ― ― 
60 
1 4.88 13.87 20.14 12.99 3.09 12.51 18.66 7.59 
2 12.44 10.45 20.40 13.23 6.69 8.40 18.78 5.86 
3 15.99 7.71 ― ― 8.43 5.10 ― ― 
4 18.00 6.38 ― ― 9.44 3.48 ― ― 
90 
1 6.83 20.39 25.22 23.15 5.06 19.61 24.20 16.09 
2 15.06 15.99 25.14 26.08 9.96 16.38 24.34 16.51 
3 18.90 12.43 ― ― 12.31 13.80 ― ― 
4 21.07 10.67 ― ― 13.66 12.54 ― ― 
120 
1 8.95 25.51 28.32 21.41 7.56 25.24 28.24 15.22 
2 16.88 23.39 28.43 24.55 13.94 25.83 29.18 16.23 
3 20.58 21.71 ― ― 16.97 26.28 ― ― 




4- The PTFE bearing experiences the limit states in two orthogonal directions almost 
concurrently (Figure 6-13). Moreover, the PTFE bearing is more vulnerable in bridges 
with larger subtended angle. The median PGA and SA1 values of bearing in tangential 
direction in LS2 drops from 1.190g to 0.852g (28.4%) and from 0.930g to 0.658g 
(29.2%) with increasing the subtended angle from 0 to 120°, respectively (Table B-13).  
5- The damage to the pile and abutment backwall soil is negligible in a seismic event 
that occurs on rock sites (Table B-14 and Table B-15). Note that this is valid for bridges 
with modern seismic details at the abutments.  
6- Among all bridge components, the PTFE bearing in tangential direction is found to 
be the most sensitive component to the subtended angle of the bridge (Table 6-7). For 
instance, when the subtended angel increases from 0 to 30°, the median SA1 value of the 
bearing decreases by 10.2%, while the median SA1 value of column only decreases by 
1.0% (Table 6-7). 
7- The difference in vulnerability of the columns versus abutment support length 
underscores the necessity to enhance the ductile design of the column (Table B-11 and 
Table B-12). It is clear that the bridge collapse due to the unseating is less probable 
compared to the column failure. 
 System Level 
Figure 6-14 and Figure 6-15 are samples of individual component and system 
fragility curves, which is developed by implementing JPSDM for a straight bridge. The 
bridges with various subtended angles follow a similar trend in terms of the sequence of 
the vulnerable components. However, the seismic vulnerability of the bridge and its 
176 
 
component increases with increasing the subtended angle. Similar to the observations in 
previous ground motion sets, the column vulnerability dominates the system fragility 
curves in Set #2. In the first two limit states, column, PTFE bearing, and potential 
unseating contribute to the system fragility curve. The last two limit states are entirely 




Figure 6-14- Component and system fragility curves for the straight bridge with respect to PGA 






Figure 6-15- Component and system fragility curves for the straight bridge with respect to SA1 
for (a) LS1; (b) LS2; (c) LS3; and (d) LS4 
The median and dispersion values of the bridges with different subtended angles 
subjected to Set #2 are shown in Table 6-8. The system median PGA value decreases 
from 2.200g to 1.686g (23.4%) and the median SA1 value decreases from 1.388g to 
1.126g (18.8%) for LS4 when the subtended angle changes from 0 to 120. Table 6-9 
shows the average increase in the median fragility value for curved bridges relative to the 
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median value for straight bridges. Figure 6-16 depicts the system fragility curves for 
bridges with various subtended angles. Figure 6-17 compares the median value for the 
components and system level at each limit state considering PGA as 𝐼𝑀. Figure 6-18 
presents the median values of bridges (𝜆𝑠𝑦𝑠) with different subtended angles across four 
limit states as a function of PGA and SA1.  
Table 6-8- System fragility parameters, Set #2 
Subtended 
Angle 
0 30 60 90 120 
𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 
𝑰𝑴 = 𝑷𝑮𝑨 
LS1 0.232 0.521 0.229 0.499 0.219 0.473 0.209 0.464 0.199 0.474 
LS2 0.618 0.438 0.591 0.419 0.556 0.401 0.521 0.390 0.497 0.401 
LS3 1.539 0.638 1.446 0.617 1.322 0.588 1.270 0.580 1.213 0.584 
LS4 2.200 0.676 2.030 0.649 1.830 0.620 1.755 0.614 1.686 0.621 
𝑰𝑴 = 𝑺𝑨𝟏 
LS1 0.217 0.407 0.214 0.395 0.205 0.380 0.199 0.361 0.192 0.351 
LS2 0.536 0.318 0.520 0.306 0.496 0.299 0.469 0.286 0.449 0.281 
LS3 1.044 0.431 1.010 0.425 0.960 0.417 0.919 0.401 0.865 0.388 








Table 6-9- Variation in 𝜆
𝑠𝑦𝑠
 of the curved bridge relative to 𝜆
𝑠𝑦𝑠
 of the straight bridge, 𝛿, Set #2 
𝛼 LS 𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏  𝛼 LS 𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏 
30 
1 1.64 1.42  
90 
1 10.12 8.41 
2 4.33 3.06  2 15.79 12.54 
3 6.05 3.24  3 17.48 11.98 
4 7.75 3.91  4 20.22 13.47 
60 
1 5.72 5.26  
120 
1 14.48 11.33 
2 10.00 7.52  2 19.63 16.29 
3 14.09 8.03  3 21.20 17.13 
4 16.85 9.18  4 23.37 18.81 
 
 








Figure 6-17- Median values of the components and system fragility curves with respect to PGA 




Figure 6-18- Median values of the system fragility curves for (a) PGA and (b) SA1 
6.5. Ground Motion Set #3 
The last set of ground motions (Set #3) represents strong velocity pulses that might be 
expected at sites experiencing near-fault directivity. The earthquakes vary in magnitudes 
from 6.19 to 7.62 and in epicentral distance from 17.9 to 86.3 km (Section 5.3.1). The 
effect of near-fault ground motions on the bridge fragility curve is investigated in this 
section.  
 Component Level 
The results of regression analysis on the engineering demand parameters for various 
subtended angles are presented in Appendix A. Appendix B includes the fragility 
parameters at component level. Figure 6-19 shows the fragility curves for all of the 




(a) Column curvature ductility 
 
(b) Support length 
 




(d) Bearing radial displacement 
 
(e) Pile radial displacement 
 
(f) Passive tangential displacement of abutment backwall soil 
Figure 6-19- Component fragility curves in Set #3 
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More specific details on the bridge components subjected to Set #3 are discussed in 
the following: 
1- The seismic vulnerability of the bridge components is intensified with increasing 
the horizontal curvature of the bridge, as shown in Table 6-10.  
2- The median PGA values for the column curvature ductility drop from 0.185g and 
0.786g to 0.167g (10.1%) and 0.696g (11.5%) in LS1 and LS4, respectively, when the 
subtended angle increases from 0 to 120° (Table B-16). The trend of variation in the 
median SA1 value is comparable to the variation in the median PGA value. For instance, 
the median SA1 value in LS4 decreases from 0.947g to 0.850g (10.2%). It is notable that 
the column curvature ductility is mostly governed by ground motion characteristics rather 
than the bridge geometry. In fact, the ground motions might impose high demands on the 
columns regardless of the bridge geometry. 
3- The probability of occurrence of unseating is higher when the bridge is curved in 
the horizontal plane (Figure 6-19b and Table B-17). For instance, the median SA1 value 
in LS4 decreases by 39.0% (from 3.072g to 1.873g) when the subtended angle increases 
from 0 to 120.  
4- In contrast to Set #1B and #2 (Section 6.3 and 6.4), the possibility of 
superstructure unseating is not negligible in bridges subjected to near-fault motions (Set 
#3). As a result, the superstructure support length should be carefully designed for the 




Table 6-10- Variation in 𝜆
𝑐𝑜𝑚𝑝
 of the curved bridge relative to 𝜆
𝑐𝑜𝑚𝑝
 of the straight bridge, Set 
#3 
𝛼 LS 
𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏 
CC SW BT BR CC SW BT BR 
30 
1 2.90 8.18 13.20 4.34 1.94 6.91 11.91 3.02 
2 1.69 8.71 14.43 4.82 1.44 8.93 13.05 4.41 
3 1.08 9.12 ― ― 1.20 10.47 ― ― 
4 0.72 9.32 ― ― 1.05 11.19 ― ― 
60 
1 7.29 22.03 25.56 7.01 6.29 17.94 22.92 4.56 
2 5.63 20.87 26.48 4.87 4.89 21.28 24.63 5.07 
3 4.79 19.96 ― ― 4.18 23.76 ― ― 
4 4.30 19.52 ― ― 3.76 24.92 ― ― 
90 
1 7.87 29.34 32.18 8.48 6.38 23.06 28.59 5.20 
2 7.87 29.00 33.70 2.08 6.88 29.40 31.55 3.58 
3 7.87 28.73 ― ― 7.12 33.93 ― ― 
4 7.87 28.60 ― ― 7.27 35.99 ― ― 
120 
1 10.13 33.87 35.68 5.16 8.58 25.80 31.48 3.44 
2 10.88 31.63 37.28 1.00 9.51 32.30 34.72 1.64 
3 11.25 29.86 ― ― 9.96 36.93 ― ― 
4 11.47 28.99 ― ― 10.23 39.03 ― ― 
 
5- The tangential and radial displacements of the PTFE bearing are different 
(Table B-18). Increasing the subtended angle induces larger tangential displacement in 
the PTFE bearing, while the radial displacement of the PTFE bearing is independent of 
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the subtended angle. Also, comparing the fragility curves of the tangential and radial 
directions of the PTFE bearing (Figure 6-19c and d) indicates that larger displacement 
demands are placed on the bridge in radial direction. The bearings are more susceptible to 
failure in the radial direction. Note that after the shear key fails, there is no constraint to 
limit the radial displacement of the superstructure, while in the tangential direction 
closure of the gap engages the soil behind the abutment backwall. 
6- The vulnerability of piles in tangential direction is negligible, since the 
corresponding median values are mostly greater than 10.0g (Table B-19). In radial 
direction, no clear pattern can be found in the pile fragility curves with respect to 
subtended angle. The smallest values for median SA1 for various subtended angles are 
1.903g and 3.889g for LS1 and LS2, respectively. It is obvious that the probability of any 
damage to the piles is so small that the pile contribution to the system fragility curves can 
be neglected. 
7- Regarding the abutment backfill soil response, the dispersion of the results is 
clearly large that may lead to inaccurate conclusion (Table B-20). Nevertheless, the 
median value for the abutment backwall soil decreases with increasing the subtended 
angle, except that when the subtended angle increases from 0 to 30.  
 System Level 
Figure 6-20 and Figure 6-21 illustrate samples of individual component fragility 
curves as well as system fragility curve for the straight bridges subjected to near-fault 
motions. The bridges with various subtended angles follow a similar trend in terms of the 
sequence of the vulnerable components. However, the seismic vulnerability of the bridge 
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and its component increases with increasing the subtended angle. In the first two limit 
states, the most vulnerable components are columns, although other components, such as 
support length and PTFE bearing, contribute to system fragility curves. In the last two 
limit states, representing the possibility of vertical instability of the bridge, column is the 




Figure 6-20- Component and system fragility curves for the straight bridge with respect to PGA 






Figure 6-21- Component and system fragility curves for the straight bridge with respect to SA1 
for (a) LS1; (b) LS2; (c) LS3; and (d) LS4 
The median and dispersion values of the bridges with different subtended angles 
subjected to Set #3 are shown in Table 6-11. The system median PGA value decreases 
from 0.780g to 0.675g (13.5%) and the median SA1 value decreases from 0.943g to 
0.837g (11.3%) for LS4 when the subtended angle increases from 0 to 120. Table 6-12 
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shows the variation in the median fragility values of curved bridges relative to the median 
values of straight bridges. Figure 6-22 displays the system fragility curves for various 
subtended angle. Although the average variation in the potential unseating is about 30%, 
the system median value only reflects 15.9% variation, since columns dominate the 
system fragility curve. Figure 6-23 and Figure 6-24 compares the median values of the 
components and system at each limit state. Figure 6-25 presents the median values of 
bridges (𝜆𝑠𝑦𝑠) with different subtended angles as a function of PGA and SA1 that 
highlights the higher vulnerability of curved bridges due to irregular geometry. 
Table 6-11- System fragility parameters, Set #3 
Subtended 
Angle 
0 30 60 90 120 
𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 𝜆𝑠𝑦𝑠 𝜁𝑠𝑦𝑠 
𝑰𝑴 = 𝑷𝑮𝑨 
LS1 0.144 0.448 0.136 0.449 0.123 0.453 0.119 0.445 0.117 0.444 
LS2 0.311 0.421 0.292 0.422 0.269 0.423 0.260 0.411 0.259 0.395 
LS3 0.612 0.522 0.601 0.517 0.570 0.517 0.547 0.500 0.525 0.506 
LS4 0.780 0.533 0.770 0.529 0.735 0.530 0.704 0.512 0.675 0.517 
𝑰𝑴 = 𝑺𝑨𝟏 
LS1 0.227 0.366 0.219 0.360 0.205 0.360 0.206 0.336 0.202 0.339 
LS2 0.446 0.321 0.427 0.313 0.403 0.311 0.397 0.293 0.394 0.287 
LS3 0.765 0.422 0.752 0.412 0.723 0.417 0.699 0.392 0.677 0.397 





Table 6-12- Variation in 𝜆
𝑠𝑦𝑠
 of the curved bridge relative to 𝜆
𝑠𝑦𝑠
 of the straight bridge, 𝛿, Set #3 
𝛼 LS 𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏  𝛼 LS 𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏 
30 
1 6.01 3.61  
90 
1 17.69 9.42 
2 5.98 4.16  2 16.31 10.82 
3 1.90 1.67  3 10.71 8.62 
4 1.29 1.36  4 9.82 8.28 
60 
1 14.84 9.60  
120 
1 19.05 10.78 
2 13.47 9.47  2 16.86 11.56 
3 6.88 5.50  3 14.25 11.55 
4 5.74 4.65  4 13.47 11.32 
 
 








Figure 6-23- Median values of the components and system fragility curves with respect to PGA 







Figure 6-24- Median values of the components and system fragility curves with respect to SA1 
for (a) LS1; (b) LS2; (c) LS3; and (d) LS4 
193 
 
 (a)  (b) 
Figure 6-25- Median values of the system fragility curves for (a) PGA and (b) SA1 
6.6. Trends Based on Ground Motion Sets 
In order to identify the effect of the ground motion sets on the seismic performance of 
bridges, the median value for fragility curves of bridges subjected to different ground 
motion sets are compared (Table 6-2, Table 6-5, Table 6-8, and Table 6-11). In addition, 
the median fragility values for all of the ground motion combined are included in the 
fragility curve development (All Sets, 𝜆𝐴𝑙𝑙) (The details of the fragility parameters are 
available in Appendix A and Appendix B). The differences between the median values 
for each set and the median value for All Sets reveal that combining the earthquakes with 
significantly different characteristics directly affect the fragility curve parameters. 
Table 6-13 demonstrates the comparison of the system median values for straight 
bridges subjected to four sets of ground motions across all limit states. It is clear that the 
194 
 
bridge seismic responses, hence median fragility values are highly dependent on 
characteristics of applied seismic excitation. As an illustration, the system median PGA 
value varies from 0.980g in Set #1A to 0.780g in Set #3 for LS4, while the median PGA 
value for All Sets (combined) is 1.012g. The median PGA for the last limit state for 
bridges located on rock sites (Set #2) drops from 2.20g to 0.980g for bridges located on 
soft soil sites (Set #1A). However, this fact has been disregarded in most of the previous 
fragility assessment studies by combining characteristically different sets of ground 
motions.  
Table 6-13- System median values for the straight bridge and four sets of ground motion across 
all limit states 
LS 
𝜆#1𝐴 𝜆#1𝐵 𝜆#2 𝜆#3 𝜆#𝐴𝑙𝑙 𝜆#1𝐴 𝜆#1𝐵 𝜆#2 𝜆#3 𝜆#𝐴𝑙𝑙 
𝑰𝑴 =  𝑷𝑮𝑨 𝑰𝑴 =  𝑺𝑨𝟏 
1 0.183 0.335 0.232 0.144 0.181 0.243 0.242 0.217 0.227 0.210 
2 0.399 1.204 0.618 0.311 0.388 0.556 0.677 0.536 0.446 0.497 
3 0.756 3.807 1.539 0.612 0.779 1.009 1.339 1.044 0.765 0.967 
4 0.980 5.823 2.200 0.780 1.012 1.300 1.835 1.388 0.943 1.276 
* The numbers in bold indicate the smallest median value in different sets. 
As mentioned before, Set #1A and Set #2 response spectra represent a magnitude 7 
strike slip earthquake at a distance of 10 km. Figure 5-3 demonstrates similar PGA but 
different SA1 values in Set #1A and Set #2. Note that the shear wave velocity (soil 
condition) is the only value that differs in these two sets. The comparison of median PGA 
values of fragility curves in Sets #1A and #2 shows that the bridges on soft soil sites have 
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a higher level of damage probability compared to the bridges on rock sites in all limit 
states. For example, the median PGA for the complete limit state for bridges located on 
rock sites (Set #2) drops from 2.20g to 0.98g for bridges located on soft soil sites (Set 
#1A).  Since both ground motion sets represent magnitude 7 earthquake with comparable 
PGA distribution, this difference is directly attributed to the different soil conditions. 
However, the trend is discounted with considering SA1 as the intensity measure (Table 6-
13), because the soil type effect is already inherent in SA1 values. It can be concluded 
that the fragility curves are dependent on soil condition and shear wave velocity as well 
as spectral characteristics. In addition, the demand on bridges is lower in Set #1B, since 
the target scenario earthquake for this set represents lower magnitude earthquakes. The 
vulnerability of the bridges subjected to Set #1B is overestimated by including the 
earthquakes with higher magnitude in fragility curve development. 
Table 6-14 presents the smallest system median value in four ground motion sets and 
the corresponding ground motion set for all the subtended angles. The table shows that in 
most cases Set #3 results are dominant. Note that even though the smallest median SA1 
value for the first limit state is governed by Set #2, median SA1 values of different sets 
are very similar (e.g. Table 6-13).  
To highlight the effect of soil types and earthquake characteristics in fragility studies, 
a new measure index is defined as follow: a) the difference between the median value for 
each set (𝜆#1𝐴, 𝜆#1𝐵, 𝜆#2, 𝑎𝑛𝑑 𝜆#3) and the median value including all ground motion sets 
(𝜆𝐴𝑙𝑙) is calculated, b) the difference is normalized to 𝜆𝐴𝑙𝑙 for all limit states, c) the 
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normalized differences are obtained across all of the limit states for each subtended angle 
(Equation (6-2)). 
Table 6-14- Smallest system median value and the corresponding ground motion set  
𝛼 
𝑰𝑴 =  𝑷𝑮𝑨 𝑰𝑴 =  𝑺𝑨𝟏 



























































































𝐴𝑙𝑙⁄ )%  {
𝛼 ∈   { 0, 30, 60, 90, 120 }
𝐿𝑆 ∈   { 1, 2, 3, 4 }
𝐼𝑀 ∈   { 𝑃𝐺𝐴, 𝑆𝐴1 }
 𝑆𝑒𝑡 ∈   { #1𝐴, #1𝐵, #2, #3 }
 
When Λ is positive (𝜆𝑆𝑒𝑡is larger than 𝜆𝐴𝑙𝑙), combining the ground motion sets 
overestimates the vulnerability of the bridge. On the other hand, a negative Λ shows that 
the effect of specific ground motion set is underestimated due to neglecting the ground 
motion characteristics or soil types in the fragility curve development. Table 6-15 
demonstrates the normalized variation in the system median values. The effect of 
different ground motion sets on the system median fragility values can be observed in 
bridges with various subtended angles. Previous studies reported the vulnerability of the 
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bridge and its components disregarding the near fault directivity or soil condition that 
clearly affect the parameters of fragility curves. 
Table 6-15- Effect of ground motion sets on the system median fragility (Λ) 
𝛼 LS 
𝑰𝑴 = 𝑷𝑮𝑨 𝑰𝑴 = 𝑺𝑨𝟏 
#1A #1B #2 #3 #1A #1B #2 #3 
0 
1 0.68 84.9 28.13 -20.4 15.81 15.59 3.4 8.3 
2 2.91 210.5 59.39 -19.8 11.75 36.13 7.8 -10.4 
3 -3.05 388.4 97.47 -21.4 4.32 38.46 8.0 -20.9 
4 -3.17 475.6 117.51 -22.9 1.87 43.85 8.8 -26.1 
30 
1 2.70 84.8 29.17 -23.3 16.24 19.25 4.3 6.8 
2 3.87 200.7 58.41 -21.7 12.01 39.15 8.3 -11.0 
3 -4.67 405.5 90.17 -21.0 3.82 45.94 6.6 -20.6 
4 -5.00 494.9 106.04 -21.8 1.54 52.30 6.8 -25.4 
60 
1 4.41 85.3 30.12 -27.0 16.63 21.44 5.3 5.3 
2 4.64 200.7 57.09 -24.0 12.14 42.15 8.8 -11.4 
3 -3.99 436.8 83.46 -20.9 5.13 49.14 6.6 -19.7 
4 -4.28 533.6 96.41 -21.1 3.03 55.62 6.5 -24.0 
90 
1 3.38 84.8 29.38 -26.4 15.39 21.05 5.8 9.5 
2 3.63 203.9 53.84 -23.1 11.07 42.99 7.5 -8.8 
3 -3.54 421.4 83.97 -20.8 5.35 46.57 6.9 -18.7 
4 -3.72 511.2 97.09 -21.0 3.29 52.43 6.8 -23.1 
120 
1 2.44 83.1 26.91 -25.4 14.33 21.20 5.2 10.9 
2 1.31 202.5 51.55 -21.1 8.54 46.58 6.2 -6.8 
3 -3.17 389.1 83.44 -20.6 5.85 50.36 5.4 -17.6 




6.7. Proposed System Fragility Curves  
Even though there are studies that address the vulnerability of the curved bridges, the 
hazard tools do not provide adequate information to incorporate the effect of subtended 
angle on the fragility curve characteristics. The results of response history analysis of 
bridges with 5 different subtended angles of 0 (straight bridge), 30, 60, 90, and 120 are 
used to develop the system fragility curves. A linear regression analysis is then performed 
on the median PGA and SA1 values as a function of subtended angle along with the 
average of dispersion for all subtended angles. These proposed linear regressions and 
dispersions can be utilized to approximate the system fragility curve parameters for 
curved concrete box-girder bridges with varying subtended angle. Table 6-16, Figure 6-
26 and Figure 6-27 introduce the proposed system fragility curves for curved concrete 











Table 6-16- Proposed system fragility curves for horizontally curved concrete box-girder bridges 
as a function of the subtended angle, 𝛼 
Set LS 
IM = PGA IM = SA1 
Median Dispersion Median Dispersion 
#1A 
1 -0.0002 α + 0.19 0.37 -0.0003 α + 0.24 0.36 
2 -0.0006 α + 0.40 0.29 -0.0008 α + 0.56 0.30 
3 -0.0010 α + 0.75 0.43 -0.0012 α + 1.01 0.40 
4 -0.0013 α + 0.98 0.44 -0.0016 α + 1.31 0.41 
#1B 
1 -0.0004 α + 0.34 0.76 -0.0002 α + 0.25 0.49 
2 -0.0017 α + 1.19 0.71 -0.0005 α + 0.68 0.38 
3 -0.0046 α + 3.95 1.00 -0.0011 α + 1.38 0.53 
4 -0.0080 α + 6.05 1.01 -0.0017 α + 1.89 0.53 
#2 
1 -0.0003 α + 0.23 0.49 -0.0002 α + 0.22 0.38 
2 -0.0010 α + 0.62 0.41 -0.0008 α + 0.54 0.30 
3 -0.0028 α + 1.52 0.60 -0.0015 α + 1.05 0.41 
4 -0.0043 α + 2.16 0.64 -0.0022 α + 1.39 0.43 
#3 
1 -0.0002 α + 0.14 0.45 -0.0002 α + 0.22 0.35 
2 -0.0005 α + 0.31 0.41 -0.0004 α + 0.44 0.30 
3 -0.0008 α + 0.62 0.51 -0.0008 α + 0.77 0.41 







Figure 6-26- Proposed system fragility curves for 𝐼𝑀 = PGA in (a) Set #1A, (b) Set #1B, (c) Set 









Figure 6-27- Proposed system fragility curves for 𝐼𝑀 = SA1 in (a) Set #1A, (b) Set #1B, (c) Set 
#2, (d) Set #3 
6.8. Comparison with Other Analytical Fragility Curves 
In this section, the fragility curves developed for the straight box-girder bridges are 
compared to other analytical fragility curves (Ramanathan, 2012; Dukes, 2013; 
Ramanathan, et al., 2015) as well as fragility curves presented by HAZUS-MH (2011). 
The HAZUS fragility relationships were developed for bridge classes based on a limited 
number of parameters available in NBI, damage states based on limited sets of field 
damage observations and simplified two dimensional analysis techniques (Ramanathan, 
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et al., 2015). HAZUS fragility curves are only based on column fragility curves and the 
contribution of other components in the vulnerability of the bridge is disregarded. In 
addition, the evolution of bridge design standards over time are not accounted for in 
existing HAZUS fragilities that may result in significant variability in the median 
fragilities across various design eras. The fragilities developed by Ramanathan, et al. 
(2015) and Dukes (2013) were specifically developed for two-span single bent concrete 
box-girder bridges with the most recent design consideration from SDC (2013). 
Ramanathan, et al. (2015) followed the similar framework for the development of 
analytical fragility curves to that used in the present study. Dukes (2013) presented a new 
bridge fragility method with a design support tool that provides design engineers with 
instant access to fragility information during the design process. This study presents the 
fragility values for three- and four-span single bent concrete box-girder bridges with the 
most recent design consideration from SDC (2013) and the modern details at abutments. 
Table 6-17 includes the PGA and SA1 median values introduced by various studies.  
The table presents the results for straight bridges only that are less vulnerable than 
curved bridges. When all the ground motions are combined, the median PGA values 
proposed by this study are close to the values suggested by the other studies, especially 
the study that has been done by Dukes (2013). However, the effect of soil condition is 
neglected by combining the ground motions with different ground motion characteristics. 
Although the median PGA values presented by different sources are similar, there is 
large disparity between the median SA1 values. The median SA1 values recommended 
by this study and Dukes (2013) are comparable in all the limit states, while the values 
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suggested by Ramanathan, et al. (2015) are larger. In other words, Ramanathan, et al. 
(2015) recommends that bridges are less vulneable than what is predicted by Dukes 
(2013) and the current study. HAZUS (2011) underestimates the bridge vulnerability in 
all limit states compared to the results presented by this study and Dukes (2013). 






























































































LS1 0.183 0.335 0.232 0.144 0.181 0.198 0.109 ― 
LS2 0.399 1.204 0.618 0.311 0.388 0.565 0.401 ― 
LS3 0.756 3.807 1.539 0.612 0.779 0.955 0.749 ― 







LS1 0.243 0.2423 0.217 0.227 0.210 0.233 0.118 0.60 
LS2 0.556 0.677 0.536 0.446 0.497 0.787 0.460 0.90 
LS3 1.009 1.339 1.044 0.765 0.967 1.445 0.881 1.30 
LS4 1.300 1.835 1.388 0.943 1.276 2.062 1.329 1.60 
 
6.9. Concluding Remarks 
Results of 800 nonlinear response history analyses are used to develop the component 
and system fragility curves for single frame concrete box-girder bridges with seat-type 
abutments. The modern seismic details, namely PTFE/spherical bearings and isolated 
shear keys at the abutments, are incorporated into the bridges. Fragility curves are 
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developed for various subtended angles as well as different sets of ground motions to 
investigate the effect of horizontal curvature of the bridge, ground motion characteristics 
and near-fault activity of the region on the fragility parameters of the bridge. The 
followings are some of the significant findings of the chapter: 
1- The vulnerability of columns, abutment support lengths, and PTFE bearings in all 
of the ground motions sets increases with increasing subtended angle of the bridge.  
2- Columns are the most vulnerable components in bridges. They present the most 
significant contribution to the system fragility curves. 
3- The bridge collapse due to the unseating is less probable compared to the column 
failure.  
4- Column fragility curves reveal that column curvature is mainly governed by the 
characteristics of the ground motions rather than the bridge subtended angle. In other 
words, the ground motions might cause high curvature ductility in the column regardless 
of the bridge geometry. The subtended angle effect is more highlighted in support length. 
5- The modern seismic details at the abutments, including PTFE bearings and isolated 
shear keys, limit the transfer of seismic forces to piles; therefore ensure the capacity 
protected design of piles.  
6- The effect of soil condition as well as the spectral characteristics of ground 
motions on the fragility curves is demonstrated. A bridge located on a [soft] soil profile 
subjected to a magnitude 7 earthquake at a distance of 10 km is more vulnerable than a 
bridge subjected to a similar earthquake on the rock site. Moreover, bridges are more 
susceptible to damage in near-fault ground motions in comparison to broad-band ground 
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motions. This fact has been disregarded in most of the previous fragility assessment 
studies. 
7- To account for the effect of subtended angle on the system median fragility values, 
a functional relationship between the system median fragility values, subtended angle, 




Chapter 7: Effect of Horizontal Curvature on Dynamic 
Properties and Seismic Performance of Box-Girder 
Bridges 
7.1. Introduction 
The longitudinal and transverse response coupling in horizontally curved bridges may 
lead to significant adverse effects on the bridge component and system responses. For 
static analysis, the AASHTO Specifications (2012) allow horizontally curved non-
segmental concrete box-girder superstructures to be analyzed and designed for global 
force effects as single-spine beams with straight segments for central angles (Figure 7-1) 
up to 34° within one span. This simplification is not applicable where there are concerns 
about local force effects (AASHTO, 2012). The minimum analysis requirements for 
dynamic analysis for earthquake loads, are determined based on the bridge regularity, as 
described in Chapter 2. Number of spans, maximum subtended angle for a curved bridge, 
maximum span length ratio, and maximum pier/bent stiffness ratio (excluding abutments) 
are the parameters that contribute to the definition of regular bridge (Table 2-1). The 
maximum allowable subtended angle for a curved bridge to be analyzed as an equivalent 
straight bridge is defined as 90°. Any bridge not satisfying the requirements is considered 
irregular. However, AASHTO Guide Specifications (2011) define the bridge to be 
regular if the subtended angle is not greater than 30°, which is a conservative value 




Figure 7-1- Definition of central angle (AASHTO, 2012) 
This chapter investigates the limiting values for subtended angle for which the 
horizontal curvature needs to be included explicitly in the analysis. For this purpose, the 
dynamic characteristics as well as the seismic response of the components of the curved 
and equivalent straight bridges are compared. According to AASHTO Specifications 
(2011, 2012), an equivalent straight bridge is defined as one that has span lengths equal 
to the arc lengths of the corresponding curved bridge as shown in Figure 2-5. All other 
properties of the two bridges, such as geometric (except subtended angle) and structural 
properties, are identical. In Chapter 5, 160 computational straight bridge models were 
developed by sampling over the geometric, material and structural parameters. Then, four 
groups of 160 curved bridges with subtended angle varying from 30 to 120° (30, 60, 90, 
and 120) were replicated from straight bridges following AASHTO specifications (2012). 
In fact, each straight bridge is equivalent to four curved bridges with different subtended 
angles. The dynamic characteristics and nonlinear response of various components of the 




Figure 7-2- Equivalent straight and curved bridges 
7.2. Dynamic Properties of Curved Bridges 
The longitudinal (L) and transverse (T) directions are commonly used in AASHTO 
Specifications and CALTRANS to refer to two orthogonal directions along a set of global 
axes (Figure 7-3). The longitudinal direction is represented by a chord connecting the two 
abutments (global X-axis) and the transverse direction is perpendicular to the longitudinal 
direction (global Y-axis). The dynamic characteristics (period and mass participation 
factor) of the bridge are usually reported along these two global directions. In straight 
bridges, the characteristics of the fundamental mode in each direction (either longitudinal 
or transverse) are governed by the mass and stiffness properties of the components in 






Bridge arc length 






the two main directions. However, in curved bridges the mass and stiffness properties of 
two orthogonal directions may contribute to both transverse and longitudinal modes. For 
instance, the transverse exterior shear keys do not affect the modal characteristics of the 
longitudinal mode of the straight bridge, while they change the modal characteristics of 
the both longitudinal and transverse modes of the curved bridge. Note that the modal 
characteristics are the key parameters for performing the response spectrum analysis of 
bridges (AASHTO, 2012). Hence, it is essential to estimate these parameters accurately. 
  
Figure 7-3- Global axis definition (SDC, 2013) 
In structural systems with complex geometries, it is possible to assess instantaneous 
modal characteristics even when the overall response is linear elastic. For instance, the 
instantaneous modal characteristics of a curved bridge will depend on whether the 
tangential and radial gaps at the abutment are open or closed. When the tangential gaps 
(between superstructure and abutment backwall) and radial gaps (between superstructure 
and exterior shear keys) are open, the distribution of stiffness properties of the bridge are 
symmetric with respect to global axes. As a result, no coupling is expected between two 
orthogonal directions of the bridge. However, when the gaps are closed at one of the 
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abutments, the stiffness of the shear key and abutment backwall soil contribute to the 
overall stiffness of the bridge, and hence results in coupled modal response. The gap 
closure occurs only at one side of the bridge. The closure of the gaps results in different 
periods and modal mass participation factors of the bridge compared to the bridge with 
open gaps. The asymmetric distribution of the stiffness is highlighted when the bridge is 
curved in the horizontal plane.  
To provide an insight into the effect of horizontal curvature on the modal 
characteristics of the bridge, two extreme cases are considered, namely, open gaps and 
closed gaps (Figure 7-4), and it is also assumed that both shear keys and abutment 
backwall soil are intact. The modal characteristics of the curved and equivalent straight 
bridges in these two cases are compared initially for a sample bridge model 
(Section 7.2.1) and then statistical evaluation is presented considering all of the bridge 
models (Section 7.2.2). 
 










 Dynamic Properties of a Typical Curved Bridge 
This section provides a preliminary investigation on the effect of horizontal curvature 
of the bridge on its modal characteristics. For this purpose, the bridge model with 120° 
subtended angle, discussed in Chapter 4, is used. Four additional bridges are developed 
with various subtended angles (0, 30, 60, and 90°). In these five bridges, all of the 
properties (structural, material, etc.) are identical, except the subtended angle (horizontal 
curvature). The arc span lengths of the curved bridges are equal to the span lengths of the 
straight bridge (equivalent bridges) (Figure 2-5) (Table 7-1). The bridge is 525 ft long 
with the radius varied from infinity, representing the straight bridge, to 250.7 ft 
representing the 120° subtended angle. Table 7-1 demonstrates the radii and central 
angles of the selected bridges. Note that the central angle is measured within one span, 
while subtended angle represents the horizontal curvature of the bridge. 
A mode is designated as transverse mode when the transverse mass participation 
factor is larger than the longitudinal mass participation factor. Similarly, a mode is 
designated as longitudinal mode when the longitudinal mass participation factor is larger 
than the transverse mass participation factor. Also, the modes with the largest mass 







Table 7-1- Properties of horizontal curvature of the bridge 








112.5 150.0 150.0 112.5 
Radius (ft) Central Angle (°) ** 
0 ― ― ― ― ― 
30 1002.7 6.4 8.6 8.6 6.4 
60 501.3 12.9 17.1 12.9 17.1 
90 334.2 19.3 25.7 19.3 25.7 
120 250.7 25.7 34.3 25.7 34.3 
* Measured within the bridge length, 
** Measured within the span length. 
7.2.1.1. Open Gaps 
As mentioned before, two cases are considered to investigate the effect of horizontal 
curvature on the modal characteristics of the bridge, open gaps and closed gaps (Figure 7-
4). First, it is assumed that the tangential and radial gaps at the abutments are open; 
hence, the shear keys and abutment backwall soil are not engaged. The periods of 
vibration for the transverse (𝑇𝑇) and longitudinal (𝑇𝐿) vibration modes are listed in 
Table 7-2. The vibration mode shapes of the straight bridge and the bridge with 120° 
subtended angle are demonstrated in Figure 7-5, Figure 7-6, Figure 7-7, Figure 7-8, and 
Figure 7-9. Table 7-2 shows that increasing the subtended angle (decreasing the radius of 
the bridge) lengthens both the transverse and longitudinal vibration mode periods. 
However, this effect is more pronounced in the longitudinal direction of the bridge. 
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Table 7-2- Transverse and longitudinal vibration mode periods (sec) 
 0 30 60 90 120 
Mode TL TT TL TT TL TT TL TT TL TT 
1 ― 0.827 ― 0.819 ― 0.903 ― 0.923 ― 0.917 
2 0.466 ― 0.479 ― 0.790 ― 0.805 ― 0.801 ― 
3 ― ― ― ― 0.451 ― 0.498 ― 0.526 ― 
6 ― 0.296 ― 0.296 ― ― ― ― ― ― 
7 ― 0.257 ― 0.278 ― ― ― ― ― ― 
8 ― ― ― ― ― 0.295 ― 0.301 ― ― 
 
The response of the straight bridge in the transverse direction is governed by the 
cantilever bending of the column while the response in the longitudinal is dominated by 
the double curvature bending of the column. The column stiffness in the single curvature 
response (transverse direction) is smaller than the column stiffness in the double 
curvature response (longitudinal). Therefore, the straight bridge is more flexible in the 
transverse direction. According to the modal analysis, the first bridge mode occurs in the 
transverse direction with the period of 0.827 sec and the second mode is observed in the 
longitudinal direction with the period of 0.466 sec. In the curved bridge, the single 
curvature bending of the column still controls the first mode in the transverse direction 
(Figure 7-7). However, the stiffness associated with the second mode is a combination of 
column stiffness in the single and double curvature bending (Figure 7-8c and d). This 
stiffness is smaller than the stiffness of the column in double curvature response. 
Therefore, the curved bridge is more flexible than the straight bridge in the longitudinal 
direction. The longitudinal period in the curved bridge with 120° subtended angle (0.801 
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sec) is 72% larger than that of the straight bridge (0.466 sec). In the curved bridge, the 
mass of the abutment backwall soil, assigned in tangential direction (Figure 4-16), 
participates in both the global longitudinal and transverse directions. Accordingly, the 
transverse mass of the bridge increases. This may be the reason for the slight increase 
(11% from 0.827 to 0.917 sec) in the period of vibration for the transverse mode when 
the subtended angle increases from 0 to 120°. 
It can be observed that the effect of the subtended angle on the smaller periods is 
relatively small.  
For a comprehensive comparison of the modal characteristics, transverse (𝑀𝑇) and 
longitudinal (𝑀𝐿) modal mass participation factors of transverse and longitudinal modes 
are also investigated (Table 7-3). Increasing the subtended angle from 0 to 120° leads to a 
significant drop in the longitudinal modal mass participation factor from 92% to 53%. 
Also, the longitudinal mass participation factor in the third mode increases from 0% to 
39%. Since the gaps at the abutments are open and the bridge is modeled symmetric with 
respect to global Y direction, the coupling in the transverse and longitudinal directions 
cannot be identified from the mass participation factors. However, the bridge deformed 
shape in Figure 7-8 and Figure 7-9 clearly demonstrate the transverse and longitudinal 
coupling in the second and third modes of the curved bridge. The transverse and 
longitudinal response coupling leads to the decrease in the longitudinal mass participation 
factor in the second mode and increase in participation of the third mode in the modal 
characteristics of the bridge. This highlights the effect of horizontal curvature on the 




Figure 7-5- 1st (transverse) mode shapes of the straight bridge (a) 3D view; (b) XY plan; (c) YZ 











Figure 7-6- 2nd (longitudinal) mode shapes of the straight bridge (a) 3D view; (b) XY plan; (c) XZ 











Figure 7-7- 1st (transverse) mode shapes of the bridge with 120° subtended angle (a) 3D view; (b) 








Figure 7-8- 2nd (longitudinal) mode shapes of the bridge with 120° subtended angle (a) 3D view; 








Figure 7-9- 3rd (longitudinal) mode shapes of the bridge with 120° subtended angle (a) 3D view; 









Table 7-3- Modal mass participation factors (%)  
 0 30 60 90 120 
Mode ML MT ML MT ML MT ML MT ML MT 
1 ― 73 0 73 ― 79 ― 82 ― 83 
2 92 ― 92 ― 68 ― 57 ― 53 ― 
3 ― ― ― ― 23 ― 34 ― 39 ― 
6 ― 10 ― 10 ― ― ― ― ― ― 
7 ― 12 ― 7 ― ― ― ― ― ― 
8 ― ― ― ― ― 9 ― 5 ― ― 
 
7.2.1.2. Closed Gaps 
In this section, it is assumed that the tangential and radial gaps at the abutments are 
closed (Figure 7-4b). Therefore, the modal characteristics of the bridge are affected by 
the shear keys and abutment backwall soil. Table 7-4 and Table 7-5 show the periods of 
the transverse (𝑇𝑇) and longitudinal (𝑇𝐿) vibration mode as well as the modal mass 
participation factors of the transverse (𝑀𝑇) and longitudinal (𝑀𝐿) vibration modes. The 
vibration mode shapes of the bridge with 120° subtended angle when the gaps are closed 
are presented in Figure 7-10 and Figure 7-11. The vibration mode shapes of the straight 
bridge are not shown, since the mode shapes are similar to the mode shapes of the 
straight bridge when the gaps are open. 
When the gaps are closed, the stiffness of the shear keys and abutment backwall soil 
participate in the modal characteristics. This fact is observed by comparing the periods of 
the fundamental transverse and longitudinal modes of the straight bridge in two cases 
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(open gaps and closed gaps). The 𝑇𝑇 and 𝑇𝐿 are smaller when the radial gaps are closed 
due to contribution of the shear keys and abutment backwall soil in the model. The modal 
mass participation factors of the fundamental longitudinal and transverse modes are 
similar in two cases.  
Table 7-4- Transverse and longitudinal vibration mode periods (sec) 
 0 30 60 90 120 
Mode TL TT TL TT TL TT TL TT TL TT 
1 ― 0.766 ― 0.753 ― 0.812 ― 0.823 ― 0.829 
2 ― ― ― ― 0.441 ― 0.473 ― 0.499 ― 
3 ― ― 0.409 ― ― ― ― ― ― ― 
4 0.337 ― 0.335 ― 0.369 ― ― ― ― ― 
5 ― ― ― ― 0.354 ― ― ― ― ― 
6 ― 0.296 ― 0.294 0.338 ― 0.335 ― ― ― 
7 ― 0.253 ― 0.274 ― ― 0.322 ― ― 0.316 
8 ― ― ― ― ― 0.290 ― 0.287 ― ― 
9 ― ― ― ― ― 0.260 ― 0.261 ― 0.252 
10 ― ― ― ― ― ― ― ― ― 0.248 
 
Similar to the previous case (open gaps), since the column stiffness in the single 
curvature bending (transverse direction) is smaller than the column stiffness in the double 
curvature bending (longitudinal direction), the fundamental vibration mode occurs in the 
transverse direction. The 𝑇𝑇 slightly increases from 0.766 sec in the straight bridge to 




Table 7-5- Modal mass participation factors (%)  
 0 30 60 90 120 
Mode ML MT ML MT ML MT ML MT ML MT 
1 ― 74 2 72 10 66 14 61 15 56 
2 ― ― ― ― 42 ― 54 1 68 3 
3 ― ― 18 ― ― ― ― ― ― ― 
4 92 ― 69 ― 5 ― ― ― ― ― 
5 ― ― ― ― 7 1 ― ― ― ― 
6 ― 11 2 11 21 2 6 1 ― ― 
7 ― 11 1 7 ― ― 6 4 3 5 
8 ― ― ― ― 2 10 1 6 ― ― 
9 ― ― ― ― 3 12 2 20 ― 5 
10 ― ― ― ― ― ― ― ― 6 19 
 
The mass participation factor of the transverse mode decreases from 74% to 56% 
with increasing the subtended angle. Moreover, incorporating the horizontal curvature in 
the bridge leads to the contribution of the longitudinal mass in the transverse mode of the 
curved bridge. The longitudinal mass participation factor in the transverse mode increases 
from 0% to 15% with increasing the subtended angle from 0 to 120°. The bridge is 
asymmetric with respect to global X and Y direction due to asymmetric participation of 
the shear keys and abutment backwall soil stiffnesses. Therefore, it is expected to observe 
the transverse and longitudinal response coupling in the curved bridge. Figure 7-10 and 




Figure 7-10- 1st (transverse) mode shapes of the bridge with 120° subtended angle (a) 3D view; 








Figure 7-11- 2nd (longitudinal) mode shapes of the bridge with 120° subtended angle (a) 3D view; 
(b) XY plan; (c) YZ elevation; (d) XZ elevation 
Similar to Section 7.2.1.1, the period of the fundamental mode in longitudinal 
direction increases with increasing the subtended angle. It increases from 0.337 sec for 







addition, the longitudinal mass participation factor in the longitudinal mode decreases 
(from 92% to 68%) when the subtended angle increases from 0 to 120°. The transverse 
and longitudinal response coupling of the curved bridge leads to the reduction of the 
longitudinal mass participation factor in the second mode that should be accounted for in 
the modal analysis of curved bridges. Coupling of the transverse and longitudinal 
responses is not limited to the fundamental modes. For example, in the curved bridge 
with 90° subtended angle, the coupling is observed in six modes out of the first ten modes 
(Table 7-5). 
 Statistical Evaluation of Modal Vibration Characteristics 
To generalize the effect of horizontal curvature on the modal characteristics of 
bridges, 800 bridge models are investigated. The bridges are categorized in five groups 
based on the subtended angle: 0 (straight bridge), 30, 60, 90, and 120°. As mentioned 
before, each straight bridge is equivalent to four curved bridges with different subtended 
angles (Figure 2-5). The modal characteristics of each curved bridge are compared to the 
corresponding values of the equivalent straight bridge.  
The periods of the fundamental modes of bridges along with the modal mass 
participation factors are extracted from 800 analysis results. To investigate the effect of 
curvature, the following parameters are defined: 𝑀𝐿𝐿, the portion of the longitudinal mass 
participating in the fundamental longitudinal mode; 𝑀𝑇𝐿, the portion of the transverse 
mass participating in the fundamental longitudinal mode; 𝑀𝑇𝑇, the portion of the 
transverse mass participating in the fundamental transverse mode; 𝑀𝐿𝑇, the portion of the 
longitudinal mass participating in the fundamental transverse mode. Also, 𝑇𝐿 and 𝑇𝑇 
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represent the periods of fundamental modes in the longitudinal and transverse directions, 
respectively. The ratios of the periods and mass participation factors of each curved 
bridge to the corresponding values of the equivalent straight bridge are calculated. 
Subsequently, the average of the ratios is determined across all of the bridges in each 
group (Equations (7-1), (5-1), (7-3), and (7-4)).  
(7-1)  𝛿𝑇𝐿




 ∑   𝑇𝐿,𝑛
      𝛼 𝑇𝐿,𝑛
      0⁄ 𝑁 𝑛=1   ,       𝛼 ∈   { 30, 60, 90, 120 }     
(7-2)  𝛿𝑇𝑇




 ∑   𝑇𝑇,𝑛
      𝛼 𝑇𝑇,𝑛
      0⁄ 𝑁 𝑛=1   ,       𝛼 ∈   { 30, 60, 90, 120 }     
 (7-3)  𝛿𝑀𝐿𝐿




 ∑   𝑀𝐿𝐿,𝑛
      𝛼 𝑀𝐿𝐿,𝑛
      0⁄ 𝑁 𝑛=1   ,       𝛼 ∈   { 30, 60, 90, 120 }     
(7-4)  𝛿𝑀𝑇𝑇




 ∑   𝑀𝑇𝑇,𝑛
      𝛼 𝑀𝑇𝑇,𝑛
      0⁄ 𝑁 𝑛=1   ,       𝛼 ∈   { 30, 60, 90, 120 }     
where 𝑁 is the number of bridge models in each group of subtended angle. 
Since these are calculated based on the ratios of the periods or mass participation 
factors of the curved bridge to the equivalent straight bridge, the difference in the values 
are solely due to different horizontal curvatures. It is noted that the other parameters, such 
as mass and column properties, are identical in the curved bridge and the equivalent 
straight bridge.  
When the gaps are closed, additional measures are defined to investigate the coupling 
effect in the fundamental transverse and longitudinal modes. In each curved bridge, the 
ratio of 𝑀𝑇𝐿 to 𝑀𝐿𝐿 is calculated. Next, the average of the ratios is determined across all 
of the bridges in each group of subtended angle (𝛿𝑀𝑇𝐿
     𝛼
, Equation (7-5)). Similar procedure 
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is repeated for the transverse direction (Equation (7-6)) to find the average mass ratios 
(𝛿𝑀𝐿𝑇
     𝛼
) defined as 
 (7-5)  𝛿𝑀𝑇𝐿




 ∑   𝑀𝑇𝐿,𝑛
      𝛼 𝑀𝐿𝐿,𝑛
      𝛼⁄ 𝑁 𝑛=1   ,       𝛼 ∈   { 0, 30, 60, 90, 120 }     
(7-6)  𝛿𝑀𝐿𝑇




 ∑   𝑀𝐿𝑇,𝑛
      𝛼 𝑀𝑇𝑇,𝑛
      𝛼⁄ 𝑁 𝑛=1   ,       𝛼 ∈   { 0, 30, 60, 90, 120 }     
7.2.2.1. Open Gaps 
First, it is assumed that the tangential gaps between the superstructure and abutment 
backwall and radial gaps between the superstructure and shear keys are open (Figure 7-
4a). Table 7-6 and Table 7-7 show the average, standard deviation (STD), maximum, and 
minimum values of the periods and mass participation factors of the fundamental modes 
in each group of subtended angle.  
Table 7-6- Modal characteristics of the fundamental longitudinal mode  
𝛼 (°) 

































































0 0.392 0.058 0.582 0.257 82 14 97 44 0 0 0 0 
30 0.403 0.061 0.594 0.267 80 15 97 36 0 0 0 0 
60 0.501 0.156 0.957 0.279 74 14 97 34 0 0 0 0 
90 0.596 0.166 0.977 0.309 71 12 96 36 1 5 38 0 
120 0.599 0.162 0.973 0.339 68 12 96 42 0 0 0 0 




Table 7-7- Modal characteristics of the fundamental transverse mode  
𝛼 (°) 
































































0 0.659 0.127 0.895 0.426 72 5 80 53 0 0 0 0 
30 0.650 0.121 0.896 0.417 72 4 80 55 0 0 0 0 
60 0.682 0.140 0.968 0.406 74 6 87 49 0 0 0 0 
90 0.710 0.148 1.030 0.391 74 9 88 42 1 4 33 0 
120 0.708 0.151 1.049 0.395 75 11 88 36 0 0 0 0 
 
Table 7-8 and Figure 7-12 show the average period ratios (𝛿𝑇𝐿
    𝛼
 and 𝛿𝑇𝑇
    𝛼
) and the 
average modal mass participation ratios (𝛿𝑀𝐿𝐿
     𝛼
 and 𝛿𝑀𝑇𝑇
     𝛼
) for all groups. Since the gaps 
are open, the longitudinal and transverse coupling is not observed in the mass 
participation factors and the average values of the 𝑀𝑇𝐿 and 𝑀𝐿𝑇 are small, as shown in 
Table 7-6. As a result, 𝛿𝑀𝑇𝐿
     𝛼
 and 𝛿𝑀𝐿𝑇
     𝛼
 have not been presented.  
Table 7-8- Average ratio of the modal characteristics of the curved bridge to the straight bridge 
𝛼 (°) 𝛿𝑇𝐿




    𝛼
) 
𝛿𝑀𝐿𝐿




     𝛼
) 
𝛿𝑇𝑇




    𝛼
) 
𝛿𝑀𝑇𝑇




     𝛼
) 
30 1.027 0.034 0.977 0.158 0.989 0.024 0.994 0.022 
60 1.272 0.329 0.935 0.260 1.040 0.140 1.023 0.101 
90 1.508 0.304 0.892 0.236 1.081 0.127 1.035 0.147 





Figure 7-12- Average ratio of the modal characteristics of the curved bridge to the straight bridge 
The longitudinal mode of a straight bridge is purely dominated by the double 
curvature bending of columns. However, the longitudinal mode of a curved bridge is 
governed by a combination of single and double curvature bending of columns. This is 
due to the fact that in the curved bridge the longitudinal mode is coupled with the 
transvers mode. In fact, the columns of a curved bridge experience the longitudinal 
displacement (drift) as well as the transvers displacement (drift) in the longitudinal mode. 
This is different from the straight bridge in which the columns only experience 
longitudinal displacement (drift) in the longitudinal mode. The columns bend in single 
curvature when subjected to the transvers displacement, they bend in double curvature 
when subjected to the longitudinal displacement. Therefore, the overall response of curve 
bridge columns is dominated by a combination of single and double curvature bending. 
Note that the stiffness of columns in single curvature bending, and as a result the stiffness 
of columns in combination of single and double curvature bending, is lower than the 
stiffness in double curvature bending. Therefore, the curved bridges are more flexible 
than the equivalent straight bridges in longitudinal direction. The 𝛿𝑇𝐿
    𝛼
 varies between 
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2.7% to 51.6% when the subtended angle increases from 30° to 120°. Along with 
increasing 𝑇𝐿, 𝑀𝐿𝐿 reduces when the radius of the bridge decreases. The coupling in 
curved bridges leads to the reduction of 𝑀𝐿𝐿 that underlines the importance of higher 
mode contribution in dynamic response of curved bridges. 
However, dynamic characteristics of curved bridges in the transverse direction 
resemble closely those that are of similar to straight bridges. The transverse period (𝑇𝑇) 
of the bridge increases by only about 8.6% when the subtended angle increases from 0 to 
120. Also, the modal mass participation factor in the transverse direction (𝑀𝑇𝑇) does not 
change significantly due to the horizontal curvature of the bridge. It can be concluded 
that bridges with subtended angle greater than 30° require explicit modeling of the curved 
geometry to capture the dynamic characteristics, especially in the longitudinal direction 
of the bridge.  
7.2.2.2. Closed Gaps 
As shown for the sample bridge, when the tangential and radial gaps at the abutment 
are closed, the coupling between longitudinal and transverse directions is expected. This 
section investigates the modal characteristics of five groups of 160 bridges with different 
subtended angles when the gaps at the abutments are closed (Figure 7-4b). Table 7-9 and 
Table 7-10 show the average, standard deviation (STD), maximum, and minimum values 
of the periods and mass participation factors of the fundamental longitudinal and 





Table 7-9- Modal characteristics of the fundamental longitudinal mode  
𝛼 (°) 

































































0 0.283 0.041 0.395 0.195 82 14 97 38 0 0 0 0 
30 0.277 0.039 0.383 0.194 55 12 76 29 3 3 15 0 
60 0.334 0.085 0.537 0.194 36 8 55 20 5 7 25 0 
90 0.412 0.064 0.574 0.249 46 11 96 23 2 3 24 0 
120 0.435 0.067 0.588 0.283 61 17 95 27 3 3 32 0 
 
Table 7-10- Modal characteristics of the fundamental transverse mode  
𝛼 (°) 
































































0 0.626 0.115 0.850 0.411 72 5 82 52 0 0 0 0 
30 0.606 0.106 0.812 0.395 70 5 79 51 2 1 4 1 
60 0.637 0.126 0.879 0.376 64 5 72 35 9 2 14 3 
90 0.647 0.134 0.941 0.354 58 7 76 34 13 4 21 0 
120 0.622 0.151 0.964 0.332 56 13 84 25 11 7 33 0 
 
The effect of abutment backwall soil stiffness on the overall bridge dynamics 
characteristics is noticeable. For straight bridges, the longitudinal period (𝑇𝐿) is 0.392 sec 
when the gaps are open, while it decreases to 0.283 sec when the gaps are closed (27.8% 
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reduction). The abutment backwall soil stiffness is larger than the stiffness of other 
components in the system. Therefore, including the abutment backwall soil in the model 
significantly increases the total stiffness of the bridge and affects the overall response. 
However, the average value of the transverse period (𝑇𝑇) only decreases by 5.0% from 
0.659 sec to 0.626 sec when the gaps are closed. Note that the shear key stiffness is about 
10% of the abutment backwall soil stiffness. Therefore, the effect of shear key stiffness 
on the overall bridge response is much smaller than the effect of the abutment backwall 
soil stiffness. In fact, the shear key stiffness can be neglected in the modal analysis of 
straight bridges, while the abutment backwall soil stiffness should be included.  
Table 7-11 and Figure 7-13 show the average period ratios (𝛿𝑇𝐿
    𝛼
 and 𝛿𝑇𝑇
    𝛼
) and the 
average modal mass participation ratios (𝛿𝑀𝐿𝐿
     𝛼
 and 𝛿𝑀𝑇𝑇
     𝛼
) for all groups. Table 7-12 
presents the values of 𝛿𝑀𝑇𝐿
     𝛼
 and 𝛿𝑀𝐿𝑇
     𝛼
.  
Table 7-11- Average ratio of the modal characteristics of the curved bridge to the straight bridge 
𝛼 (°) 𝛿𝑇𝐿




    𝛼
) 
𝛿𝑀𝐿𝐿




     𝛼
) 
𝛿𝑇𝑇




    𝛼
) 
𝛿𝑀𝑇𝑇




     𝛼
) 
30 0.983 0.031 0.681 0.139 0.970 0.019 0.964 0.027 
60 1.176 0.216 0.458 0.161 1.018 0.089 0.884 0.083 
90 1.462 0.157 0.573 0.177 1.032 0.099 0.806 0.113 





Figure 7-13- Average ratio of the modal characteristics of the curved bridge to the straight bridge 
Table 7-12- Average ratio of the longitudinal and transverse coupling 
𝛼 (°) 𝛿𝑀𝑇𝐿




     𝛼
) 
𝛿𝑀𝐿𝑇




     𝛼
) 
0 0 0 0 0 
30 0.061 0.069 0.024 0.009 
60 0.140 0.204 0.137 0.034 
90 0.054 0.124 0.222 0.073 
120 0.058 0.084 0.223 0.141 
 
Table 7-11 and Table 7-12 show that the curved bridges have different modal 
characteristics compared to the equivalent straight bridges. Particularly, the transverse 
and longitudinal coupling is observed in the modal characteristics. 
Incorporating the horizontal curvature in the bridge [model] geometry leads to the 
larger 𝑇𝐿. The 𝛿𝑇𝐿
    𝛼
 changes from -1.7% to 54.1% with increasing subtended angles from 
30 to 120°. Unlike the previous case with open gaps, 𝛿𝑀𝐿𝐿
    𝛼
 does not show a uniform 
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pattern when the subtended angle increases. For example, increasing the subtended angle 
from 30 to 60 decreases 𝛿𝑀𝐿𝐿
    𝛼
 from 68.1% to 45.8%, however, increasing the subtended 
angle from 60 to 90 increases 𝛿𝑀𝐿𝐿
    𝛼
 from 45.8% to 57.3%. This may be related to the 
curved geometry in addition to the asymmetric contribution of the shear key and 
abutment backwall soil.  
Changing the horizontal curvature does not affect 𝑇𝑇, while it changes 𝑀𝑇𝑇. 
Increasing the subtended angle results in a smaller contribution of 𝑀𝑇𝑇. 𝛿𝑀𝑇𝑇
    𝛼
 decreases 
by 21.8% in the bridge with 120° subtended angle compared to the straight bridge. The 
coupling effect may be the reason for the reduction in the mass participation factor.  
The 𝛿𝑀𝑇𝐿
    𝛼
 shows that the contribution of the transverse mass in the fundamental 
longitudinal mode are 0%, 6.1%, 14.0%, 5.4%, and 5.8% in the bridges with 0, 30, 60, 
90, and 120° subtended angles. The 𝛿𝑀𝑇𝐿
    𝛼
 values larger than zero demonstrate the 
coupling of longitudinal and transverse modes. The variation in 𝛿𝑀𝑇𝐿
    𝛼
 can be related to the 
horizontal curvature in addition to the asymmetric distribution of the stiffness in the 
bridge plan. The contribution of the longitudinal mass in the fundamental transverse 
mode (𝛿𝑀𝐿𝑇
    𝛼
) increases by increasing the subtended angle. It increases by 2.4%, 13.7%, 
22.2%, and 22.3% in the bridge with 30, 60, 90, and 120° subtended angle. Therefore, the 
coupling of the transverse and longitudinal modes consistently increases by increasing 
the subtended angle. 
The variations in the longitudinal and transverse periods are similar to 
Section 7.2.2.1. Increasing the subtended angle increases the longitudinal period, since 
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the column bents in the combination of single and double curvature. In the transverse 
direction, the column stiffness governs by the single curvature bending disregarding the 
horizontal curvature. Therefore, the transverse period does not vary when the subtended 
angle increases. The coupling in the transverse and longitudinal directions, due to 
increasing the subtended angle, leads to the decrease in the transverse mass participation 
factor and the increase in the longitudinal mass participation factor in the fundamental 
transverse mode. However, the change in the mass participation factors in the 
fundamental longitudinal mode is not uniform when the subtended angle increases. This 
may be related to the horizontal curvature in addition to the asymmetric distribution of 
the stiffness in the bridge plan. Since both the curved geometry and asymmetric 
distribution of the shear key and abutment backwall soil affect the overall bridge 
response, curved bridges with closed gaps at the abutment require explicit modeling of 
the curved geometry to capture the dynamic characteristics. 
7.3. Structural Demands 
This section demonstrates the effect of horizontal curvature on the seismic demands 
on the bridge components. For this purpose, a preliminary investigation on the seismic 
demands on the components of a sample curved and equivalent straight bridges is 
provided in Section 7.3.1. Then, a statistical evaluation is presented considering response 
quantities from all of the bridges included in the study in Section 7.3.2. 
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 Structural Demands in a Typical Curved Bridge 
In order to understand the difference between the component demands in the straight 
and curved bridges, the response histories of selected demands are presented and 
compared for the curved bridge with 120° subtended angle and the equivalent straight 
bridge (the models are introduced in Section 7.2.1). All of the properties of the curved 
and equivalent straight bridges are identical, except the subtended angle.  
Figure 7-14 shows the curvature response history at the top and bottom of the column 
in Bent3. The curvature response history is calculated as the SRSS (Square Root of the 
Sum of the Squares) of two curvature response histories recorded in the longitudinal and 
transverse directions. The maximum curvature at the bottom and top of the column 
increases 44.5% and 33.6%, respectively, in the curved bridge. Figure 7-15 demonstrates 
the displacement history of top of the column (SRSS) in Bent3. In the straight bridge, the 
column undergoes 7.60 in displacement that increases to 9.07 in in the curved bridge. The 
column in Bent3 experiences 0.41 in and 1.05 in residual displacement in the straight and 
curved bridge, respectively. The residual displacements correspond to 0.07% and 0.19% 
residual drifts in the column. The residual displacement is especially important for 
characterizing the post-earthquake condition of bridges. Several types of concrete 
materials (available in OpenSees) are considered to find the one that captures the residual 
displacement of the column during the nonlinear response history analysis. “Concrete01”, 
“Concrete01WithSITC”, “Concrete04”, and “Concrete07” are four uniaxial constitutive 
concrete material models that are investigated in this study. 
Although “Concrete01WithSITC” material model in OpenSees is typically recommended 
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to capture potential residual displacements following strong earthquakes, it was found 
that none of the four concrete material models could achieve this reliably as it was also 
concluded by Seyed Ardakani, et al. (2013). Therefore, the residual displacement of the 
column is not considered as a structural demand as part of the investigation herein. 
(a)
(b) 
Figure 7-14- Curvature demand (SRSS) at the (a) top and (b) bottom of the column in Bent3 
 
Figure 7-15- Displacement demand (SRSS) at the top of the column in Bent3 
The response histories of the force demands at the bottom of the column in Bent3 are 
presented in Figure 7-16. The shear and moment demands, which have two directional 
responses, are evaluated with the corresponding SRSS values. Since the column is in the 
nonlinear plateau of the moment-curvature behavior, the maximum moment demand as 
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well as the maximum shear demand is not affected by the subtended angle of the bridge. 
However, the radius of the bridge seems to influence the torsional and axial demand of 
the column. The maximum torsional demand of the column (in Bent3) in the curved 





Figure 7-16- Force demand at the bottom of the column in Bent3 (a) shear; (b) moment; (c) axial; 
and (d) torsion 
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The axial force on the column consists of two terms, initial dead load (𝑃𝐷𝑒𝑎𝑑) and the 
axial load induced by the earthquake (𝑃𝐸𝑄) (Equation (7-7)). The maximum and minimum 
axial force ratios (CP𝑀𝑎𝑥 and CP𝑀𝑖𝑛) occur when the axial load from the earthquake 
reaches its maximum (𝑃𝑀𝑎𝑥,𝐸𝑄) or minimum (𝑃𝑀𝑖𝑛,𝐸𝑄) value. If CP𝑀𝑖𝑛 is smaller than 1.0, 
it indicates that the tensile force due to earthquake is developed in the column (𝑃𝑀𝑖𝑛,𝐸𝑄 <
0 ,  0 < CP𝑀𝑖𝑛 < 1.0). The maximum axial force on the column in the straight bridge is 
150.4% of the dead load and the minimum axial force of the column is 62.5% of the dead 
load. In the curved bridge, the variation in the maximum axial force of the column is 
similar to the straight bridge (155.4% of the dead load). Nonetheless, the effect of the 
horizontal curvature is highlighted in the minimum axial force that is only 56.1% of the 
dead load. It shows that the column in the curved bridge, compared to the straight bridge, 
experiences larger tensile forces (𝑃𝑀𝑖𝑛,𝐸𝑄) induced by the earthquake.  
(7-7)    
P𝐶𝑜𝑙𝑢𝑚𝑛 = 𝑃𝐷𝑒𝑎𝑑 +  𝑃𝐸𝑄
CP𝑀𝑎𝑥 = (𝑃𝐷𝑒𝑎𝑑 +  𝑃𝑀𝑎𝑥,𝐸𝑄) 𝑃𝐷𝑒𝑎𝑑⁄
CP𝑀𝑖𝑛 = (𝑃𝐷𝑒𝑎𝑑 +  𝑃𝑀𝑖𝑛,𝐸𝑄) 𝑃𝐷𝑒𝑎𝑑⁄  
  
In the sample equivalent straight model, all the exterior shear keys survive the 
earthquake. The presence of the shear keys limits the maximum radial displacement of 
the superstructure relative to the abutment to 4.09 and 4.17 in at Abutment1 and 
Abutment5, respectively. In the curved bridge, three out of four exterior shear keys fail 
during the excitation and only one survives. After the shear key failure at Abutment5, 
there is no restraint against radial displacement of the bridge, while the shear key at 
Abutment1 resists the lateral load. Hence, the bridge response, especially close to the 
abutments, is not symmetric. The maximum radial displacement of the superstructure 
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relative to the abutment at Abutment1 is 5.82 in. However, the superstructure moves 
radially 10.18 in relative to the abutment at Abutment5. The relative radial displacement 
of the superstructure and abutment represents the bearing displacement in the radial 
direction. Figure 7-17 displays the shear key response after radial gap closure in the 
straight and curved bridge at Abutment1 and Abutment5. 
(a) 
(b) 
Figure 7-17- Shear key response at (a) Abutment1, (b) Abutment5 
The bridge unseating occurs if the bridge moves away from the abutment and the 
length of the sole plate of the PTFE/Spherical bearing is not sufficient. The potential 
unseating is determined based on the bearing tangential displacement when the bridge 
moves away from the abutment. In the selected deterministic model, the displacement 
corresponds to the potential unseating increases from 7.331 in in the straight bridge to 
8.847 in in the curved bridge. Figure 7-18 shows the schematic illustration of bearing 
tangential displacement. 
Figure 7-19 depicts the vertical displacement of the girders at Abutment5 in the 
straight and curved bridges. Although the displacement histories are different, the 
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maximum displacements are similar that means the maximum vertical displacement of 
the girders is independent of the bridge geometry.  
 
Figure 7-18- Schematic representation of the bearing tangential displacement  
(a)
(b) 
Figure 7-19- Vertical displacement response of the superstructure at the Abutment5 in (a) straight 
bridge, (b) curved bridge 
 Statistical Evaluation of Structural Demands  
To make the general statement about the effect of horizontal curvature on the seismic 
demand on the bridge components, five groups of 160 bridges with different subtended 
angles are investigated. The demands on the components in the curved bridge are 
compared to the demands on the components in the corresponding equivalent straight 
bridge. The subtended angle considered for the curved bridges are 30, 60, 90, and 120°.  






Table 7-13 defines the nomenclature of various demand parameters that will be used 
in this section. The maximum demands on the components (Table 7-13) in the straight 
and curved bridges are identified. The ratios of each demand in the curved bridges to the 
corresponding demand in the straight bridges are then calculated (Equation (7-8)). 
Subsequently, the average of ratios across all bridges is calculated for each ground 
motion set (Equation (7-9)). As long as demands on curved bridges are between 0.95 and 
1.05 of demands on the equivalent straight bridges, the variations in demands are 
neglected.  
Table 7-13- Nomenclature defined for the demand parameters 
Curvature at the Bottom of the Column CBC 
Curvature at the Top of the Column CTC 
Displacement of the Column CD 
Torsion demand of the Column CT 
Maximum of P/PDead of the Column (Equation (7-7)) CPMax 
Minimum of P/PDead of the Column (Equation (7-7)) CPMin 
Tangential Displacement of the Bearing  BTD 
Radial Displacement of the Bearing  BRD 
Potential Unseating SW 
Uplift Displacement at the Abutment UP 
 
(7-8)  𝑅𝑎𝑡𝑖𝑜 𝐷𝑒𝑚𝑎𝑛𝑑
 𝛼 = 𝑀𝑎𝑥 𝐷𝑒𝑚𝑎𝑛𝑑
 𝛼 𝑀𝑎𝑥𝐷𝑒𝑚𝑎𝑛𝑑
 0⁄      {
    𝐷𝑒𝑚𝑎𝑛𝑑 ∈   Table 7 − 13
 𝛼 ∈   { 30, 60, 90, 120 }
 





 ∑ 𝑅𝑎𝑡𝑖𝑜  𝑖,𝐷𝑒𝑚𝑎𝑛𝑑,𝑆𝑒𝑡
  𝛼  𝑁𝑖=1 {
   𝐷𝑒𝑚𝑎𝑛𝑑 ∈   Table 7 − 13
𝑆𝑒𝑡 ∈   { #1𝐴, #2, #3 }




In Equation (7-9), 𝑁 is the number of models in each group of subtended angle and 
ground motion set. 𝛿 𝐷𝑒𝑚𝑎𝑛𝑑,𝑆𝑒𝑡
  𝛼
 is presented in Table 7-14 for different demands, 
subtended angles, and ground motion sets. Note that Set #1B is excluded from the results, 
since the ground motions in this set place negligible demands on the components in 
comparison to Set #1A, #2, and #3.  
Equation (7-10) shows the probability of the demand in curved bridges exceeding the 
demand in straight bridges. It is calculated for each demand, subtended angle, and ground 
motion set as  
(7-10)  𝑃𝑟𝑜𝑏𝑎𝑏𝑖𝑙𝑖𝑡𝑦 𝐷𝑒𝑚𝑎𝑛𝑑,𝑆𝑒𝑡
  𝛼 = 𝑛 𝑁⁄          {
     𝐷𝑒𝑚𝑎𝑛𝑑 ∈   Table7 − 13
𝑆𝑒𝑡 ∈   { #1𝐴, #2, #3 } 
𝛼 ∈   { 30, 60, 90, 120 }
  
where 𝑛 denotes the number of ratios (calculated in Equation (7-8)) that is larger than 
1.05. Table 7-15 shows the probability of the demand in curved bridges exceeding the 
demand in straight bridges (𝑃𝑟𝑜𝑏𝑎𝑏𝑖𝑙𝑖𝑡𝑦 𝐷𝑒𝑚𝑎𝑛𝑑,𝑆𝑒𝑡
  𝛼 ). 
The results presented in Table 7-14 and Table 7-15 demonstrate that the column 
curvature at the top and bottom, column torsion demand, bearing displacements, and the 
potential unseating are affected by the bridge subtended angle and the ground motion 
characteristics. However, changing the subtended angle of the bridge does not change the 
column displacement, column axial forces (maximum and minimum), and uplift 
displacement at the abutment. Table 7-16 summarizes the average and standard deviation 
of these demands (CD, CPMax, CPMin, and UP) for various horizontal curvatures and 
ground motion sets.  
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Table 7-14- Average ratios of curved bridge demands to straight bridge demands  
Set 𝛼 CBC CTC CD CT CPMax CPMin BTD BRD SW UP 
#1A 
30 1.007 1.033 0.998 1.084 1.000 1.005 1.144 1.063 1.096 1.155 
60 1.048 1.154 1.011 1.158 1.002 0.999 1.310 1.096 1.279 1.323 
90 1.098 1.295 1.015 1.242 0.996 1.006 1.473 1.123 1.444 1.437 
120 1.157 1.373 1.027 1.415 0.997 1.035 1.599 1.170 1.571 1.549 
#2 
30 1.012 0.998 0.986 1.108 1.000 1.000 1.119 1.081 1.061 1.035 
60 1.040 1.043 0.965 1.244 1.003 1.000 1.267 1.155 1.208 1.302 
90 1.078 1.094 0.977 1.403 1.002 0.997 1.386 1.247 1.333 1.496 
120 1.119 1.151 0.983 1.529 1.008 0.998 1.465 1.240 1.425 1.563 
#3 
30 1.041 1.062 1.002 1.201 0.999 1.003 1.176 1.197 1.115 1.084 
60 1.143 1.230 1.001 1.435 0.993 0.999 1.438 1.269 1.370 1.215 
90 1.195 1.497 0.989 1.579 0.997 0.992 1.639 1.308 1.565 1.272 








CBC CTC CD CT CPMax CPMin BTD BRD SW UP 
#1A 
30 0.125 0.275 0.150 0.450 0.025 0.050 0.650 0.500 0.500 0.400 
60 0.500 0.525 0.450 0.600 0.075 0.100 0.775 0.450 0.750 0.375 
90 0.575 0.700 0.475 0.575 0.050 0.125 0.900 0.400 0.875 0.300 
120 0.650 0.675 0.550 0.625 0.075 0.200 0.825 0.425 0.800 0.300 
#2 
30 0.200 0.175 0.000 0.450 0.000 0.000 0.650 0.600 0.500 0.225 
60 0.325 0.475 0.100 0.500 0.050 0.025 0.750 0.650 0.725 0.250 
90 0.475 0.525 0.175 0.550 0.050 0.025 0.800 0.625 0.800 0.225 
120 0.600 0.575 0.375 0.575 0.125 0.050 0.825 0.650 0.800 0.200 
#3 
30 0.350 0.375 0.275 0.500 0.075 0.175 0.650 0.350 0.475 0.450 
60 0.575 0.500 0.400 0.550 0.100 0.250 0.775 0.500 0.700 0.500 
90 0.575 0.700 0.450 0.600 0.125 0.225 0.800 0.425 0.750 0.325 


























0 1.280 0.211 0.745 0.180 2.843 2.457 1.278 1.723 
30 1.283 0.214 0.746 0.181 2.802 2.249 1.323 1.649 
60 1.284 0.218 0.738 0.197 2.808 2.219 1.305 1.556 
90 1.280 0.217 0.732 0.205 2.807 2.209 1.242 1.436 
120 1.279 0.202 0.730 0.194 2.825 2.197 1.155 1.308 
#2 
0 1.230 0.154 0.789 0.114 2.371 1.458 0.652 1.256 
30 1.233 0.157 0.786 0.116 2.311 1.384 0.593 1.091 
60 1.234 0.153 0.781 0.119 2.285 1.361 0.632 1.043 
90 1.240 0.151 0.774 0.124 2.302 1.384 0.642 1.021 
120 1.249 0.158 0.766 0.129 2.366 1.457 0.599 0.915 
#3 
0 1.537 0.343 0.554 0.293 6.576 5.331 3.618 3.643 
30 1.531 0.353 0.563 0.280 6.898 6.781 3.660 4.177 
60 1.517 0.334 0.563 0.277 6.871 7.021 3.416 3.792 
90 1.524 0.328 0.553 0.280 6.682 6.500 2.961 3.053 




7.3.2.1. Column Curvature Demand 
Table 7-14 and Table 7-15 show that bridge subtended angle and the ground motion 
characteristics affect the curvature at the top and bottom of the column as well as torsion 
demand of the column. The probability of these three demands in curved bridges 
exceeding the equivalent demands in straight bridges and the corresponding average 
ratios are shown in Figure 7-20. It is clear that increasing the bridge subtended angle 
increases the response. This is particularly pronounced in Set #3 that includes the ground 
motions with velocity pulses and larger spectral characteristics. Similar to the conclusion 
presented in the previous chapter, Set #1A places more demand on columns in 
comparison to Set #2.  
The curvature at both top and bottom of the columns are lager in curved bridges 
compared to straight bridges. However, the increase in the top column curvature is more 
significant that is due to the superstructure torsion. For instance, in Set #3 the increase in 
the curvature at the top of the column is 69.0% and the increase in the curvature at the 
bottom of the column is 34.7%. 
In the straight bridge, the column responds to the transverse lateral load with single 
curvature bending. Since the centroid of the superstructure lies in the centroid of the 
columns, the torsion of the superstructure about the longitudinal direction is negligible. In 
the curved bridge, there are eccentricities between the centroid of the superstructure and 
columns. When the bridge is subjected to the transverse lateral loads, these eccentricities 
induce the torsion demand to the superstructure. The torsion of the superstructure is 
resisted by the moments at the top of the columns. Moreover, in the curved bridges with 
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closed gaps at abutment, the coupling of the longitudinal and transvers responses may 
result in the curvature at the top of the columns even if load/displacement is only applied 
in the transverse direction. Figure 7-10 shows that in the fundamental transverse mode, 
the columns bend in a combination of single and double curvature.  
Although the curvature at the bottom of the column governs the design of the single 
column bent, the increase in the curvature at the top should be accurately studied by the 
designer to present proper detailing for the connection between the column and 
superstructure.  
7.3.2.2. Column Torsion Demand 
Torsion in columns is significantly affected by the horizontal curvature of bridges. 
When the subtended angle of the bridge increases from 0 to 120°, the probability of 
developing larger torsion in columns is more than 45%. In particular, torsion demand in 
columns tends to increase by 41.5%, 52.9% and 57.3% in Set #1A, #2, and #3, 
respectively. This can be due to in-plane torsion (torsion about the vertical axis) of the 
superstructure. In the straight bridges, the centroid of the superstructure lies in the 
centroid of the columns. Therefore, the in-plane torsion (torsion about the vertical axis) 
of the superstructure is negligible. In the curved bridge, there are eccentricities between 
the centroid of the superstructure and columns. When the bridge is subjected to the 
longitudinal lateral loads, these eccentricities result in the in-plane torsion of the 
superstructure and induce the torsion demand to the columns. The shear stress due to 






Figure 7-20- 𝑃𝑟𝑜𝑏𝑎𝑏𝑖𝑙𝑖𝑡𝑦 𝐷𝑒𝑚𝑎𝑛𝑑,𝑆𝑒𝑡
  𝛼  and 𝛿 𝐷𝑒𝑚𝑎𝑛𝑑,𝑆𝑒𝑡
  𝛼
 of the column demand in (a) Set #1A; (b) 
Set #2; and (c) Set #3 
In AASHTO Specifications (2012), the transverse reinforcement of the column is 
designed for the equivalent factored shear force, which is calculated based on the factored 
shear force and factored torsional moment. However, the torsion effect has been 
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neglected in SDC (2013) and AASHTO (2011). In both standards, columns are only 
designed for the shear force associated with the overstrength column moment. Since the 
intention of the ductile design of bridges (AASHTO, 2011; SDC, 2013) is avoiding the 
brittle failure of components, such as shear failure in the column, it is prudent not to 
discount the torsion effect on the shear demand. Nonetheless, the effect of torsion on the 
equivalent shear force might be small compared to the direct shear demand in some 
bridges. 
7.3.2.3. Column Displacement Demand 
The results presented in Table 7-14 and Table 7-15 show that the radius of the bridge 
does not affect the displacement response of the column. Table 7-16 displays the average 
and standard deviation of the column displacement for various horizontal curvatures and 
ground motion sets. It can be seen that the ground motion set is the governing parameter 
for the column displacement rather than the subtended angle of the bridge.  
Set #3 imposes the largest displacement demand among different sets that underlines 
the effect of strong velocity pulses and larger spectral characteristics of the ground 
motions on the bridge column displacement. The average displacement of the column 
located on soil and rock sites are similar. However, the corresponding standard deviation 
of the column displacement is larger when the bridge is located on the soil site in 
comparison to the rock site. This highlights the effect of soil condition of the bridge 
location in addition to the spectral characteristics of the ground motion. When the bridge 
is designed for the specific displacement ductility, the possibility of displacement 
variation due to soil site condition should be examined carefully.  
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In addition to the column displacement demand, the residual drift of the columns is 
also studied. The average values of the residual drifts of the columns in the straight 
bridges subjected to Set#1 and #3 are 0.04% and 0.06%, respectively. As mentioned in 
Section 7.3.1, the concrete materials provided by OpenSees platform are unable to 
capture residual displacements of columns. Therefore, the residual drift is not considered 
in the statistical evaluation of structural demands. 
7.3.2.4. Column Axial Demand 
Among the column responses, the probability of column axial force in curved bridges 
exceeding the axial force in straight bridges is low, either the maximum value of the axial 
force or the minimum value. Table 7-16 displays the average of axial force ratios (CP𝑀𝑎𝑥 
and CP𝑀𝑖𝑛) as well as the corresponding standard deviations for various subtended angles. 
Since bridges with single columns bents are investigated in this study, the axial force in 
the column may be only a function of the ground motion set rather than the horizontal 
curvature of the bridge.  
Comparing the average of the minimum and maximum ratios of the axial force shows 
that the ground motions with high velocity pulses (Set #3) lead to the largest variation in 
the axial force. The near-fault motions (Set #3) impose high tensile demand on the 
column that is even larger than its initial axial dead load. The characteristics of the 
ground motions in Set #1A and Set #2 result in similar average ratios of the column axial 
force. However, the standard deviation of the ratios differs between two sets. The axial 
force of bridge columns on the [soft] soil profile may vary more than similar columns on 
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the rock site. The variation of the column axial force can affect the shear resistance of the 
concrete, which should be considered by the designer.  
7.3.2.5. Abutment Displacement Demand 
Table 7-14 along with Table 7-15 demonstrates the high sensitivity of the relative 
tangential displacement of the superstructure and abutment to the horizontal curvature. 
This finding is consistent with the conclusion presented in the previous chapter that the 
median values of the bearing tangential displacement and abutment support length are 
highly dependent on the bridge horizontal curvature. 
Since PTFE bearings at the abutment do not provide any restraint on the uplift, 
vertical displacement depends on the ground motion characteristics rather than the bridge 
geometry. While the subtended angle of the bridge has negligible effect on the uplift 
response of the superstructure, the ground motion characteristics can affect the average 
value of the girder uplift (Table 7-16). The largest uplift displacement occurs in Set #3. 
Between Set #1A and #2, Set #1A results in the larger uplift at the abutment that 
underscores the effect of soil condition. Note that PTFE/Spherical bearings do not have 
any uplift resistance. Nonetheless, PTFE/Spherical bearings should be examined for the 
effect of large vertical forces developed by the pounding of the superstructure.  
7.4. Critical Subtended Angle 
In order to define the regular bridge, subtended angle is one of the criteria in 
AASHTO Guide Specifications (2011) and AASHTO Specifications (2012). Based on 
AASHTO Specifications (2012), a curved continuous girder bridge may be considered as 
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a regular bridge if the subtended angle is less than 90°. However, the maximum 
subtended angle of a regular bridge is limited to 30° according to AASHTO Guide 
Specifications (2011).  
According to the results presented in Section 7.3.2, it can be concluded that bridges 
with less than 30° subtended angle can be analyzed as a straight bridge. The local 
responses of bridges with 30° subtended angle do not exceed more than 20% of the 
corresponding demands in equivalent straight bridges. In addition, the probability of 
component demands in bridges with 30° subtended angle exceeding demands in straight 
bridges is almost always less than 50%. This observation is consistent with the results 
presented in Section 7.2.2 devoted to modal characteristics of bridges. It is shown that 
bridges with subtended angle greater than 30° require accurate modeling in order to 
capture the comprehensive dynamic characteristics. 
7.5. Concluding Remarks 
Results of 800 nonlinear response history analyses are used to investigate the effect of 
bridge subtended angle on the modal characteristics of bridges and seismic demands on 
components. For this purpose, the dynamic properties as well as the seismic response of 
the components of the curved and equivalent straight bridges are compared. Since the 
subtended angle (horizontal curvature) is the only parameter that is different in the curved 
and equivalent straight bridges, the other parameters, such as the mass and column 
properties, do not affect the presented results. In addition, the modal characteristics of a 
bridge depend on whether the tangential and radial gaps at the abutment are assumed 
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open or closed. Therefore, the effect of horizontal curvature on the modal characteristics 
of bridges is studied in two cases, open gaps and closed gaps.  
The followings are some of the significant findings of the chapter: 
1- In the curved bridge, the stiffness associated with the longitudinal mode is a 
combination of column stiffnesses in single and double curvature bending. Therefore, 
curved bridges are more flexible (up to 54%) in the longitudinal direction than straight 
bridges. 
2- Increasing the subtended angle does not affect the period of the fundamental 
transverse mode, since this mode is mainly governed by the single curvature bending of 
columns.  
3- When the gaps at the abutments are open, the bridge is modeled symmetric with 
respect to global Y direction. Therefore, the coupling in the transverse and longitudinal 
directions cannot be identified from the mass participation factors. However, the coupling 
can be observed in the deformed shapes of the longitudinal modes. Due to the transverse 
and longitudinal coupling in curved bridges, a smaller portion of mass contributes in the 
fundamental longitudinal mode (𝑀𝐿𝐿). It underlines the importance of higher mode 
contribution in the dynamic response of curved bridges.  
4- When the gaps at the abutment are closed, the asymmetric contribution of the shear 
keys and abutment backwall soil in the bridge response in addition to the horizontal 
curvature result in change in 𝑀𝐿𝐿. However, the variation does not follow a clear trend 
with increasing the subtended angle. The  𝑀𝑇𝑇 of curved bridges decreases compared to 
straight bridges due to the transverse and longitudinal response coupling.  
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5- When the gaps at the abutment are closed, the coupling of lateral modes of 
vibration is amplified with increasing the subtended angles. The maximum 𝛿𝑀𝑇𝐿
     𝛼
 and 
𝛿𝑀𝐿𝑇
     𝛼
 are 14.0% and 22.3% in the bridges with 60 and 120 subtended angles, respectively. 
6- The modal characteristics are the key parameters for performing the response 
spectrum analysis of bridges (AASHTO, 2012). Hence, it is essential to estimate these 
parameters accurately. Curved bridges with open gaps at abutments and subtended angle 
greater than 30° require explicit modeling of curved geometry to capture the dynamic 
characteristics, especially in the longitudinal direction. Curved bridges with closed gaps 
at abutments with any subtended angle should not be analyzed as equivalent straight 
bridges. The curved geometry in addition to the asymmetric distribution of shear key and 
abutment backwall soil stiffnesses may lead to response coupling, even in bridges with 
small subtended angle.  
7- Among structural demands, it is found that the curvature and torsion demand on 
columns are highly affected by the horizontal curvature of bridges and ground motion 
characteristics. In the curved bridge, the torsion of the superstructure about the 
longitudinal direction induces the moment at the top of the columns. It results in larger 
curvature at the top of the column compared to the straight bridge. The in-plane torsion of 
the superstructure about the vertical axis of the bridge develops the torsion demand in the 
columns of the curved bridge. 
8- The increase in the curvature at the top of the column is larger than the increase in 
the curvature at the bottom of the column. This should be accurately studied to 
recommend proper detailing for the connection between the column and superstructure.  
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9- Torsion demand should be considered in the shear design of columns in the 
displacement-based design guidelines.  
10- The axial force and displacement of columns as well as the uplift at abutments 
depend on the ground motion characteristics and soil conditions rather than the bridge 
geometry.  
11- The concrete materials provided by OpenSees platform are unable to capture the 
residual displacement of the columns, hence the corresponding residual drift. Therefore, 
this structural demand is not investigated in this study. 
12- Bridges located on soil profile are subjected to higher demands than bridges on 
rock site. Set #3 imposes the largest demands among different sets that underlines the 
effect of larger spectral characteristics of the ground motions and strong velocity pulses. 
13- Investigating the probability of demands in curved bridges exceeding demands in 
straight bridges as well as the average increase in demands reveals that bridges with the 
subtended angle greater than 30° should not be analyzed and designed as a straight 




Chapter 8: Summary, Conclusions, and 
Recommendations 
8.1. Executive Summary 
Curved bridges are constructed to conform to geometric constraints resulting from 
traffic and structural restrictions. However, the horizontal curvature in bridge geometry 
leads to response coupling in the longitudinal and transverse directions and rotation of the 
superstructure, hence complex interactions among various components of a curved bridge 
are expected. In fact, observations from past earthquakes highlighted the seismic 
vulnerability of curved bridges due to this complex coupled response. As part of this 
study, an extensive literature review was conducted that revealed the critical 
shortcomings in seismic response characterization of highway bridges with horizontal 
curvature. Furthermore, the lack of detailed seismic design guidelines with respect to 
explicit treatment of horizontal curvature also reflected this shortcomings. Accordingly, 
the study reported herein attempts to identify and evaluate the seismic response 
characteristics of a specific class of reinforced concrete box-girder bridges with single 
column bents. Therefore, the primary objectives of this study are to:  
1) Develop analytical fragility functions for horizontally curved concrete box-girder 
bridges with modern seismic details at abutments, such as PTFE/spherical bearings and 
isolated shear keys.  
2) Evaluate the seismic response of curved box-girder highway bridges designed 
according to the current CALTRANS Seismic Design Criteria. 
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The objectives of the study have been achieved in two stages, namely: 1) 
computational modeling and analytical fragility curve development, and 2) assessment 
and evaluation of seismic response characteristics, as discussed in the following. 
 Computational Modeling and Analytical Fragility Curve Development 
Over the last decade, seismic risk assessment (SRA) of transportation systems has 
been widely used by many professional engineers and researchers as a means to evaluate 
structural performance, vulnerability and impact of damage to lifeline systems on the 
society. More specifically, the SRA tools are used to characterize the probabilistic 
seismic performance of highway bridges, estimate damage to highway bridges and 
consequently to the network, and predict the economic loss and restoration time. Seismic 
fragility curves are key information necessary for SRA. Fragility curves express the 
conditional probability of reaching or exceeding a target damage state for a specific 
ground motion intensity measure. Typically, analytical fragility curves are employed for 
assessing the seismic performance of highway bridges in the absence of empirical [bridge 
damage] data or expert opinion.   
Fragility curve development that accounts for the effect of horizontal curvature of 
bridges, specifically concrete box-girder bridges, is scarce. However, this class of bridges 
is one of the most common types used in the State of California. Therefore, this study 
focused on the most current details adopted by CALTRANS along with the current 
seismic design considerations from SDC (2013). A series of representative benchmark 
curved concrete box-girder bridges were determined based on the information obtained 
from the NBI database as well as personal communications with CALTRANS design 
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engineers. To explore the effect of horizontal curvature on the seismic performance of 
bridges, five groups of representative benchmark bridges with various subtended angles 
(0, 30, 60, 90, and 120 degrees) were selected.  
In order to develop the necessary Probabilistic Seismic Demand Models (PSDM) for 
the fragility curve development, nonlinear response history analyses of a large number of 
benchmark bridge-ground motion pairs were conducted. Mainly because this was a 
computationally demanding task, an alternative to complex three-dimensional (3D) finite 
element (FE) modeling approach was introduced. The proposed grillage-based modelling 
approach was computationally economic, and comparably accurate to their 3D FE 
counterparts. The results of various analyses using the grillage models were compared to 
those of 3D full finite element models. It was shown that the proposed approach 
significantly reduced the computational effort for the nonlinear response history analyses 
with desired accuracy. 
For the fragility curve study, three-dimensional nonlinear computational models of 
the benchmark bridges were developed using the proposed grillage-based modeling 
approach in OpenSees. All of the models incorporated details suitable to capture inelastic 
response of various bridge components and mechanisms, including columns, isolated 
shear keys, PTFE bearings, abutment-soil-structure interaction, impact, etc. It is noted 
that bridges included in this study were assumed to have been designed to incorporate 
isolated shear keys and PTFE bearings at seat-type abutments following the 
recommendations of CALTRANS.  
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One of the key considerations in fragility curve development is the uncertainties 
associated with the ground motion characteristics, bridge component and material 
characteristics, as well as the overall bridge geometry. To account for the identified 
uncertainties, five sets of benchmark bridge models with varying subtended angles (0, 30, 
60, 90, and 120 degrees) were developed. Each set included 36 models whose geometric 
properties such as span length, deck width, column height and diameter, were determined 
based on a statistical evaluation of bridge inventory in California and personal 
communications with CALTRANS design engineers. It should be noted that each straight 
bridge was determined as an equivalent representation of one of the 36 curved bridges. 
The variability in modeling parameters was accounted for by using Latin Hypercube 
Sampling (LHS) method. Furthermore, to investigate the effect of soil condition of bridge 
site and ground motion characteristics on the fragility functions, four sets of 40 ground 
motions were utilized. The first two ground motion sets (Sets #1A and #1B) represented 
the strike-slip earthquakes with the magnitudes of 7 (distance to rupture of 10 km) and 6 
(distance to rupture of 25 km) with the site average shear wave velocity of 250 m/sec. Set 
#2 is similar to Set #1A, except it is intended to be representative of the rock site 
(Vs30=760 m/sec). Set #3 contains the strong velocity pulses that might be expected at 
sites experiencing near-fault directivity. Finally, each set of 36 benchmark bridges were 
paired randomly with the ground motions to arrive at 800 (160x5) bridge-ground motions 
pairs. 
In summary, the framework for fragility curve development consisted of assembly of 
suites of ground motions; incorporation of the uncertainty in geometrical, structural, and 
material properties; performing the nonlinear response history analysis; development of 
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probabilistic seismic demand models (PSDM); presenting the fragility formulation at 
both the component and system levels; and estimating the component and system 
capacities. The component capacities were mapped to the system level limit states in 
order to address the consequence of the component structural damage on the performance 
of the bridge (system) in terms of operational and functional status in the aftermath of the 
earthquake. 
Probabilistic Seismic Demand Models assuming lognormal probability model were 
developed for each identified bridge components and component fragility functions were 
presented. Subsequently, system fragilities were estimated using a Joint Probabilistic 
Seismic Modeling approach, which accounted for the correlation between various 
components. In that the vulnerability of multiple components was considered, which 
were column, abutment support length, PTFE bearing, exterior shear key, pile, and 
abutment backfill soil. Using the assembled matrix of correlation coefficients between 
various component responses, samples were drawn from demand and capacity models for 
a particular intensity measure (Joint Probabilistic Seismic Demand Models, JPSDM, and 
Monte Carlo simulation). Given the series system assumption, the probability of demand 
exceeding the capacity for the bridge system was evaluated. This procedure was repeated 
for a relevant range of intensity measure and then the regression analysis was performed 
to back calculate the lognormal distribution parameters for the bridge (system).  
 Seismic Response Evaluation 
A total of 800 nonlinear response history analyses were performed and the results 
were used to develop analytical component and system fragility functions for each 
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subtended angle and ground motion set. Consistent with risk assessment hazard tools, 
four limit states ―minor/slight, moderate, extensive, and complete damage― were 
considered. The importance of horizontal curvature of the bridge, soil condition of the 
bridge site, and ground motion characteristics on the component and system fragility 
curves were determined. In addition, the effect of current details at the abutments (as 
suggested by CALTRANS) on the fragility curves was assessed. Functional relationship 
between the median of system fragility curves and subtended angle were proposed with 
constant dispersions and for each ground motion set.  
The effect of horizontal curvature (0 to 120 degrees) on the dynamic properties of 
curved bridges was also studied. Modal characteristics (periods of vibration and modal 
mass participation factors) were evaluated statistically and compared to the dynamic 
properties of equivalent straight box-girder bridges. The effect of curvature on the 
seismic response of various bridge components was also evaluated.  
This study demonstrated that seismic vulnerability of bridges depends on the soil 
condition of the site and ground motion characteristics as well as the horizontal curvature 
of the bridge. Seismic response of individual columns presented the most significant 
contribution to the system fragility curves. The analysis confirmed that the current 
seismic details, suggested by CALTRANS, achieve the objectives of capacity-protected 
design of piles. It was also shown that the dynamic characteristics of bridges are sensitive 
to the curvature, and curved bridges with subtended angles greater than 30 degrees 
require explicit modeling of curved geometry. In curved bridges, the coupling of 
transverse and longitudinal modes reduces the dominance of the fundamental mode in the 
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bridge response and leads to the contribution of higher modes. The statistical evaluation 
of structural demands indicates that the curvature and the torsion demands on columns 
are amplified in curved bridges. 
8.2. Conclusions and Contributions 
The most significant conclusions and observations pertaining to the computational 
modeling, fragility study and seismic response evaluation are given in what follows. 
 Computational Modeling 
1- The primary objective of the first part of the study was to develop a methodology for 
the efficient and accurate computational modeling of complex highway bridges with 
curved geometry. It was demonstrated that the proposed grillage-based modeling 
approach reduced the required time for the nonlinear response history analysis by 
90% when compared to the full 3D finite element models, making the modeling 
approach especially appropriate for studies that require substantial number of 
analyses such as fragility curve development. 
2- The proposed grillage-based modeling approach for horizontally curved concrete 
box-girder bridges is based on well-established mechanistic approach that can be 
easily adopted for bridges with other geometries and types and allows direct 
incorporation of other types of linear as well as nonlinear elements. Furthermore, it is 
suitable for all phases of preliminary design, static and dynamic response assessment. 
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 Component and System Seismic Fragility Curves 
1- The component fragility curves demonstrated that columns, and bearing responses as 
well as deformations at the abutment pertaining to the support length, were dependent 
on the subtended angle of the bridge. However, the deformations at the abutment 
(support length and PTFE bearing in tangential and radial directions) were more 
sensitive to change in the subtended angle than the column curvature ductility 
response. While the reduction in the median PGA value for the column curvature 
ductility was approximately 20% as the subtended angle increased from 0 to 120 
degrees, the corresponding reduction in the median PGA for the PTFE bearing 
deformations in tangential and radial directions was approximately 35%. This 
observation was not surprising due to the type of bearing/support condition that is 
typical in concrete box-girder bridges. On the other hand, it is important to note that 
the increasing deformation demand is not necessarily a controlling factor with respect 
the overall vulnerability of the bridges, provided that code-specified minimum 
support length was incorporated in the design curved bridges. In fact, it is more 
probable that immediate operational requirements of a bridge are jeopardized after an 
earthquake due to column damage/failure rather than superstructure unseating. 
2- Therefore, columns were still identified as the most vulnerable components in curved 
bridges, highlighting the importance of careful detailing requirements to 
accommodate the increasing ductility demand with increasing subtended angles, 
particularly for bridges located on soil as well as near-fault sites. In fact, column 
fragility curves reveal that column curvature demand is more closely governed by the 
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characteristics of the ground motions rather than the bridge subtended angle. In other 
words, the near-fault and soft soil ground motions are likely to result in high 
curvature ductility in the columns irrespective of the bridge geometry, whereas the 
effect of subtended angle is more pronounced in deformations at the abutments.  
3- In general, vulnerability of concrete box-girder bridges with single column bents 
increases with increasing subtended angle. Even for small subtended angles (30 
degrees), the increase in vulnerability warrants detailed and explicit evaluation of 
component and system level demand. The primary contributor to the increase in 
seismic fragility was reinforced concrete columns irrespective of the subtended angle 
as this was an expected outcome based on previous similar studies. However, the 
level of contribution of columns to the system fragility remained relatively uniform 
across different subtended angles. The effect of soil condition and the spectral 
characteristics of ground motions on the fragility curves suggest that a bridge located 
on a [soft] soil profile subjected to a magnitude 7 earthquake at a distance of 10 km is 
more vulnerable than a bridge subjected to a similar earthquake on a rock site. 
Moreover, bridges are more susceptible to damage in near-fault ground motions in 
comparison to broad-band ground motions. The effect of ground motion 
characteristics on the vulnerability of curved bridges has not been considered 
explicitly in most of the previous fragility studies. Clearly, fragility analyses should 
be performed using ground motions with comparable characteristics (e.g. soil type 
and distance). Combining the ground motions with different characteristics in 




4- Functional relationships between the median of system fragility curves with specific 
dispersions and subtended angle were proposed for each limit state and ground 
motion set. These functions provide a valuable visual summary of the effect of 
subtended angle and ground motion characteristics on the overall seismic 
vulnerability of curved bridges. It is noted that near-fault ground motions result in 
higher vulnerability primarily due to significantly large [average] spectral values 
compared to other sets of ground motions. Also, higher vulnerability in case of 
ground motions on soil sites compared to those on rocks sites was expected in view of 
the higher average response spectra particularly in the longer period range. 
Nevertheless, the trend in vulnerability and soil condition is discounted with 
considering SA1 as the intensity measure rather than PGA, since the soil type effect is 
already inherent in SA1 values. Last but not the least, these functions can facilitate 
the incorporation of curved bridges in the available SRA tools (e.g. HAZUS). One 
may use the proposed functions to transform the vulnerability of a straight bridge to 
that of a curved bridge with the specific subtended angle and soil condition. 
5- The component fragility curves demonstrated that the current seismic details at the 
abutments, including PTFE bearings and isolated shear keys (as recommended by 
CALTRANS), limit the transfer of seismic forces to piles; therefore ensured capacity 
protected design of piles. 
 Overall Dynamic Characteristic and Seismic Response Evaluation 
1- The statistical evaluation of the dynamic characteristics of the curved bridges 
suggested that curved bridges even with relatively small subtended angles (>30 
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degrees) require explicit modeling of the curved geometry. It was shown that curved 
bridges can be up to 54% more flexible than the equivalent straight bridges 
counterparts. But more importantly, the boundary conditions or instantaneous 
conditions at the support locations significantly affect the apparent dynamic 
characteristics. This was evaluated by considering two extreme cases with respect to 
shear key and abutment backwall conditions due to closed or open gaps. It was noted 
that significantly response coupling occurs when these two bridge components are 
intact and the gaps are closed, and the coupling became more significant with 
increasing subtended angles. The modal characteristics are the key parameters for 
performing response spectrum analysis of bridges (AASHTO, 2012). Hence, it is 
essential to estimate these parameters accurately. More specifically, it is 
recommended that the following modeling and analysis requirements are incorporated 
in design codes: (a) curved geometry of bridges with open gaps at the abutments and 
subtended angle greater than 30 degrees must be modeled explicitly to capture the 
dynamic characteristics, whereas curved bridges with smaller subtended angle can be 
represented accurately by equivalent straight bridges, (b) curved bridges with closed 
gaps at the abutments should not be analyzed as equivalent straight bridges. The 
curved geometry in addition to the asymmetric distribution of shear key and abutment 
backwall soil stiffness lead to response coupling, even in bridges with small 
subtended angle.  
2- Among structural demands evaluated in this study, it is found that the curvature and 
torsion demand on columns are highly affected by the horizontal curvature of bridges 
and ground motion characteristics. In curved bridges, the torsion of the superstructure 
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about the longitudinal axis induces elevated bending moments at the top of the 
columns. It results in larger curvature at the top of the column in comparison to 
columns in straight bridge. Whereas, the in-plane torsion of the curved superstructure 
about the vertical axis results in torsion demand in the columns of the curved bridge. 
When the curved bridge is compared to its equivalent straight bridge, the increase in 
the curvature at the top of the column is larger than the increase in the curvature at the 
bottom of the column. This increase in curvature ductility demand should be 
accurately quantified using reliable computational models for proper detailing of the 
connections between the column and superstructure.  
3- The axial force and the uplift at abutments depend on the ground motion 
characteristics and soil conditions rather than the bridge geometry. Furthermore, 
inclusion of vertical component of ground motions did not present any discernable 
effect on the seismic demand on bridge components. 
8.3. Future Work and Recommendations  
A list of recommended future studies is listed as follows: 
1- This study investigated the vulnerability of the concrete box-girder bridges with 
single column bents. The bridge portfolio can be extended to include the multi-
column bent configurations in which the component response in terms of column 
shear may be significantly different. Additional investigation should be performed on 
the curved multi-frame bridges with in-span hinges to determine the effect of 
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horizontal curvature on the performance of internal expansion joints. Furthermore, 
effect of vertical component of ground motion would likely to be more pronounced. 
2- It is was demonstrated that the torsion response of columns increases with increasing 
subtended angle. However, there is not adequate knowledge about the coupled axial-
moment-shear-torsion response of columns. Therefore, a comprehensive investigation 
is recommended to determine the coupled response, hence its effect on the fragility 
curves.  
3- The present study showed that bridges were more vulnerable to the ground motions 
with strong velocity pulses in the strike-normal direction due to directivity effect. 
This is an expected outcome as the near-fault ground motions represent higher 
average response spectrum compared to the broad-band ground motions. However, to 
quantify the near-fault ground motion effect on the seismic fragility of curved bridges 
a more focused study should be conducted. 
4- Seismic risk assessment tools do not account for the horizontal curvature of the 
bridge. In addition, the vulnerability of bridges designed based on current seismic 
design considerations is not available. Seismic risk assessment tools can be improved 
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Appendix A : Probabilistic Seismic Demand Models 
Table A-1- PSDMs for various components, Set #1A 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 























0 1.637 2.465 0.532 0.892 1.651 2.037 0.676 0.742 
30 1.666 2.519 0.546 0.883 1.667 2.067 0.683 0.738 
60 1.695 2.595 0.561 0.871 1.686 2.123 0.694 0.728 
90 1.717 2.668 0.563 0.879 1.716 2.200 0.703 0.725 

























0 1.250 2.123 0.687 0.490 1.103 1.598 0.668 0.505 
30 1.330 2.330 0.753 0.443 1.148 1.739 0.700 0.488 
60 1.332 2.472 0.781 0.410 1.131 1.857 0.703 0.478 
90 1.283 2.499 0.757 0.422 1.105 1.927 0.703 0.467 




















0 1.241 2.117 0.687 0.487 1.096 1.597 0.669 0.501 
30 1.264 2.280 0.751 0.423 1.090 1.717 0.697 0.467 
60 1.295 2.448 0.786 0.392 1.102 1.854 0.712 0.456 
90 1.274 2.518 0.773 0.401 1.102 1.955 0.722 0.444 


















0 1.033 2.005 0.686 0.407 0.972 1.647 0.757 0.358 
30 1.055 2.098 0.738 0.365 0.971 1.705 0.780 0.335 
60 1.109 2.193 0.775 0.348 1.012 1.770 0.806 0.323 
90 1.168 2.286 0.777 0.364 1.062 1.834 0.801 0.343 


















0 0.572 -1.883 0.383 0.422 0.372 -2.289 0.202 0.480 
30 0.716 -1.701 0.495 0.420 0.566 -2.085 0.386 0.464 
60 0.670 -1.877 0.444 0.436 0.488 -2.287 0.294 0.491 
90 0.587 -2.090 0.409 0.411 0.397 -2.489 0.234 0.468 




Table A-1- PSDMs for various components, Set #1A, Continued 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 


















0 0.786 -0.826 0.247 0.797 0.805 -1.015 0.324 0.756 
30 1.323 -0.154 0.623 0.598 1.219 -0.644 0.661 0.567 
60 1.249 -0.189 0.624 0.564 1.161 -0.639 0.673 0.526 
90 1.296 -0.055 0.626 0.582 1.191 -0.539 0.660 0.555 

























0 2.910 1.017 0.530 1.592 1.995 -0.923 0.311 1.928 
30 3.002 1.047 0.539 1.614 2.129 -0.867 0.339 1.933 
60 2.990 1.078 0.531 1.635 2.279 -0.629 0.385 1.871 
90 2.749 0.682 0.434 1.826 2.128 -0.845 0.325 1.994 





Table A-2- PSDMs for various components, Set #1B 
𝐸𝐷𝑃 𝛼  
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 























0 0.979 0.757 0.235 0.993 1.288 1.702 0.638 0.683 
30 0.979 0.752 0.236 0.989 1.276 1.665 0.630 0.688 
60 0.978 0.745 0.234 0.994 1.290 1.697 0.639 0.682 
90 1.000 0.788 0.234 1.016 1.323 1.771 0.643 0.693 

























0 0.727 0.499 0.303 0.619 0.854 0.934 0.656 0.435 
30 0.686 0.541 0.303 0.584 0.844 1.051 0.721 0.370 
60 0.625 0.575 0.263 0.588 0.821 1.176 0.713 0.367 
90 0.582 0.589 0.229 0.600 0.796 1.229 0.673 0.391 




















0 0.722 0.503 0.302 0.617 0.853 0.950 0.662 0.429 
30 0.728 0.707 0.323 0.592 0.868 1.179 0.722 0.379 
60 0.677 0.751 0.288 0.598 0.857 1.317 0.724 0.372 
90 0.628 0.737 0.250 0.611 0.837 1.372 0.697 0.388 


















0 0.761 0.786 0.264 0.714 0.998 1.511 0.712 0.447 
30 0.783 0.893 0.284 0.697 1.018 1.619 0.756 0.407 
60 0.808 1.000 0.311 0.675 1.009 1.643 0.763 0.396 
90 0.825 1.022 0.323 0.670 1.019 1.648 0.776 0.386 


















0 0.498 -2.143 0.244 0.493 0.367 -2.405 0.208 0.504 
30 0.595 -2.018 0.357 0.448 0.378 -2.487 0.227 0.492 
60 0.563 -2.116 0.353 0.428 0.387 -2.485 0.262 0.458 
90 0.522 -2.228 0.329 0.419 0.364 -2.556 0.252 0.442 





Table A-2- PSDMs for various components, Set #1B, Continued 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 


















0 0.420 -2.065 0.048 1.055 0.718 -1.232 0.219 0.955 
30 0.485 -2.337 0.141 0.672 0.722 -1.653 0.492 0.517 
60 0.580 -1.995 0.203 0.645 0.728 -1.525 0.503 0.509 
90 0.632 -1.833 0.235 0.640 0.727 -1.493 0.489 0.523 

























0 0.515 -4.011 0.127 0.759 0.072 -5.075 0.004 0.810 
30 0.691 -3.541 0.136 0.978 0.303 -4.437 0.041 1.030 
60 0.577 -3.947 0.101 0.967 0.176 -4.893 0.015 1.012 
90 0.553 -4.007 0.087 1.004 0.151 -4.960 0.010 1.046 






Table A-3- PSDMs for various components, Set #2 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 























0 1.251 1.454 0.461 0.881 1.466 1.995 0.692 0.665 
30 1.299 1.534 0.486 0.870 1.494 2.048 0.703 0.661 
60 1.352 1.639 0.509 0.865 1.527 2.126 0.710 0.665 
90 1.365 1.683 0.511 0.869 1.553 2.194 0.724 0.653 

























0 0.981 1.423 0.593 0.529 1.049 1.677 0.743 0.420 
30 0.961 1.444 0.603 0.508 1.020 1.678 0.742 0.409 
60 0.948 1.540 0.617 0.486 1.005 1.770 0.759 0.385 
90 0.936 1.603 0.607 0.490 1.011 1.862 0.776 0.370 




















0 0.985 1.438 0.599 0.524 1.049 1.686 0.745 0.418 
30 0.985 1.547 0.623 0.499 1.053 1.801 0.779 0.382 
60 0.991 1.663 0.638 0.486 1.052 1.905 0.786 0.373 
90 0.983 1.723 0.628 0.492 1.053 1.980 0.789 0.371 


















0 0.967 1.427 0.534 0.587 1.097 1.784 0.753 0.428 
30 0.978 1.518 0.569 0.553 1.081 1.830 0.761 0.412 
60 0.972 1.564 0.591 0.526 1.055 1.841 0.762 0.402 
90 1.044 1.728 0.630 0.521 1.109 1.986 0.778 0.403 


















0 0.547 -2.009 0.363 0.472 0.390 -2.200 0.202 0.528 
30 0.545 -2.078 0.354 0.479 0.387 -2.270 0.196 0.535 
60 0.611 -1.975 0.369 0.520 0.462 -2.144 0.231 0.574 
90 0.534 -2.207 0.399 0.426 0.373 -2.407 0.213 0.488 





Table A-3- PSDMs for various components, Set #2, Continued 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 


















0 0.641 -1.606 0.191 0.859 0.806 -1.236 0.330 0.782 
30 0.993 -1.084 0.500 0.646 1.075 -0.805 0.642 0.546 
60 1.058 -0.813 0.596 0.567 1.042 -0.693 0.632 0.541 
90 1.019 -0.820 0.566 0.581 1.027 -0.664 0.629 0.537 

























0 1.449 -1.328 0.222 1.763 0.996 -1.897 0.115 1.881 
30 1.267 -1.819 0.161 1.884 0.864 -2.328 0.082 1.970 
60 1.491 -1.527 0.207 1.899 1.005 -2.146 0.103 2.020 
90 1.531 -1.477 0.213 1.913 1.065 -2.057 0.113 2.032 





Table A-4- PSDMs for various components, Set #3 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 























0 1.720 2.899 0.503 0.944 1.976 2.593 0.586 0.862 
30 1.694 2.905 0.500 0.936 1.962 2.613 0.591 0.846 
60 1.683 2.964 0.491 0.947 1.935 2.665 0.572 0.868 
90 1.720 3.040 0.504 0.943 1.991 2.744 0.595 0.852 

























0 1.061 1.919 0.534 0.547 1.189 1.710 0.591 0.513 
30 1.067 2.017 0.510 0.578 1.218 1.822 0.586 0.531 
60 1.046 2.162 0.478 0.603 1.245 2.004 0.598 0.530 
90 1.056 2.280 0.476 0.612 1.311 2.158 0.648 0.502 




















0 1.057 1.918 0.534 0.546 1.185 1.710 0.591 0.511 
30 1.089 2.097 0.544 0.551 1.222 1.884 0.604 0.513 
60 1.085 2.260 0.535 0.559 1.250 2.069 0.626 0.501 
90 1.109 2.389 0.544 0.561 1.314 2.219 0.674 0.474 


















0 1.050 2.236 0.434 0.663 1.364 2.154 0.645 0.524 
30 1.061 2.295 0.404 0.712 1.419 2.240 0.637 0.555 
60 1.003 2.258 0.372 0.719 1.384 2.234 0.626 0.555 
90 0.922 2.179 0.340 0.709 1.305 2.178 0.601 0.552 


















0 0.744 -1.716 0.488 0.421 0.540 -2.058 0.227 0.517 
30 0.989 -1.389 0.618 0.430 0.919 -1.710 0.470 0.506 
60 1.001 -1.415 0.629 0.425 1.045 -1.664 0.604 0.439 
90 0.855 -1.773 0.590 0.394 0.660 -2.141 0.309 0.511 





Table A-4- PSDMs for various components, Set #3, Continued 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 


















0 0.784 -0.685 0.190 0.895 1.035 -0.735 0.292 0.836 
30 1.175 -0.282 0.434 0.741 1.372 -0.477 0.522 0.681 
60 1.097 -0.293 0.398 0.744 1.312 -0.454 0.503 0.677 
90 1.064 -0.266 0.376 0.758 1.218 -0.459 0.434 0.721 

























0 2.092 0.284 0.231 2.107 2.316 -0.148 0.250 2.082 
30 2.019 0.204 0.213 2.141 2.236 -0.212 0.231 2.117 
60 2.245 0.543 0.227 2.291 2.693 0.218 0.287 2.199 
90 2.896 1.421 0.383 2.028 3.167 0.798 0.404 1.994 





Table A-5- PSDMs for various components, All Sets 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 























0 1.628 2.410 0.631 0.976 1.500 2.107 0.775 0.763 
30 1.648 2.452 0.640 0.970 1.513 2.136 0.780 0.758 
60 1.681 2.536 0.647 0.974 1.540 2.208 0.785 0.761 
90 1.710 2.606 0.651 0.983 1.571 2.279 0.794 0.756 

























0 1.224 1.916 0.729 0.586 1.081 1.616 0.822 0.475 
30 1.209 1.985 0.733 0.573 1.070 1.691 0.829 0.458 
60 1.189 2.103 0.724 0.576 1.060 1.826 0.831 0.450 
90 1.173 2.180 0.710 0.587 1.057 1.925 0.834 0.444 




















0 1.218 1.916 0.729 0.583 1.076 1.617 0.823 0.472 
30 1.211 2.047 0.745 0.556 1.069 1.750 0.839 0.442 
60 1.205 2.179 0.743 0.557 1.069 1.890 0.844 0.433 
90 1.198 2.264 0.731 0.570 1.073 1.992 0.848 0.429 


















0 1.226 2.113 0.678 0.663 1.144 1.905 0.853 0.449 
30 1.234 2.184 0.687 0.653 1.147 1.969 0.857 0.441 
60 1.227 2.206 0.697 0.635 1.134 1.982 0.860 0.432 
90 1.246 2.245 0.709 0.627 1.144 2.006 0.864 0.429 


















0 0.605 -1.869 0.529 0.448 0.443 -2.160 0.410 0.502 
30 0.726 -1.705 0.614 0.451 0.550 -2.024 0.510 0.509 
60 0.721 -1.754 0.604 0.458 0.549 -2.067 0.506 0.512 
90 0.613 -2.037 0.575 0.413 0.442 -2.341 0.433 0.477 





Table A-5- PSDMs for various components, All Sets, Continued 
𝐸𝐷𝑃 𝛼 
𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 


















0 0.861 -0.895 0.343 0.936 0.850 -0.968 0.482 0.831 
30 1.192 -0.504 0.631 0.715 1.079 -0.756 0.747 0.593 
60 1.182 -0.415 0.659 0.667 1.047 -0.700 0.747 0.575 
90 1.191 -0.347 0.657 0.676 1.048 -0.646 0.734 0.595 

























0 2.023 -0.225 0.465 1.703 1.509 -1.152 0.374 1.842 
30 1.993 -0.345 0.435 1.784 1.518 -1.210 0.364 1.891 
60 2.119 -0.144 0.448 1.846 1.645 -1.017 0.390 1.940 
90 2.241 0.108 0.475 1.850 1.732 -0.827 0.410 1.962 





Appendix B : Fragility Parameters 





𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 





























0 0.222 0.585 0.291 0.497 
30 0.220 0.570 0.289 0.490 
60 0.216 0.554 0.284 0.479 
90 0.211 0.551 0.277 0.469 








0 0.517 0.585 0.674 0.497 
30 0.507 0.570 0.665 0.490 
60 0.490 0.554 0.646 0.479 
90 0.474 0.551 0.622 0.469 








0 0.790 0.585 1.026 0.497 
30 0.768 0.570 1.007 0.490 
60 0.738 0.554 0.974 0.479 
90 0.710 0.551 0.932 0.469 









0 1.012 0.585 1.312 0.497 
30 0.980 0.570 1.285 0.490 
60 0.937 0.554 1.239 0.479 
90 0.899 0.551 1.181 0.469 









𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 0.319 0.482 0.440 0.557 
30 0.292 0.424 0.402 0.523 
60 0.263 0.405 0.357 0.524 
90 0.245 0.427 0.327 0.528 








0 0.767 0.482 1.192 0.557 
30 0.667 0.424 1.047 0.523 
60 0.600 0.405 0.944 0.524 
90 0.576 0.427 0.885 0.528 









0 1.511 0.482 2.570 0.557 
30 1.262 0.424 2.190 0.523 
60 1.134 0.405 1.997 0.524 
90 1.115 0.427 1.905 0.528 









0 2.090 0.482 3.712 0.557 
30 1.711 0.424 3.118 0.523 
60 1.537 0.405 2.858 0.524 
90 1.530 0.427 2.749 0.528 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 































0 0.440 0.483 0.635 0.558 
30 0.393 0.434 0.567 0.535 
60 0.353 0.406 0.504 0.522 
90 0.328 0.418 0.460 0.513 








0 0.664 0.483 1.011 0.558 
30 0.588 0.434 0.906 0.535 
60 0.523 0.406 0.801 0.522 
90 0.490 0.418 0.731 0.513 





























0 0.416 0.520 0.569 0.515 
30 0.388 0.479 0.536 0.499 
60 0.373 0.445 0.515 0.471 
90 0.362 0.432 0.500 0.461 








0 0.682 0.520 0.962 0.515 
30 0.629 0.479 0.906 0.499 
60 0.591 0.445 0.853 0.471 
90 0.560 0.432 0.809 0.461 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 


























0 4.791 1.107 5.839 1.035 
30 1.526 0.524 2.365 0.547 
60 1.610 0.531 2.459 0.544 
90 1.427 0.524 2.210 0.551 








0 99.00 0.00 99.00 0.00 
30 3.203 0.524 5.289 0.547 
60 3.530 0.531 5.723 0.544 
90 3.041 0.524 5.036 0.551 











𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 









































0 0.810 0.560 1.946 0.982 
30 0.808 0.550 1.818 0.923 
60 0.799 0.559 1.574 0.835 
90 0.904 0.676 1.800 0.951 








0 1.226 0.560 3.559 0.982 
30 1.206 0.550 3.200 0.923 
60 1.195 0.559 2.670 0.835 
90 1.401 0.676 3.169 0.951 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 





























0 0.462 1.075 0.267 0.596 
30 0.464 1.072 0.271 0.605 
60 0.467 1.078 0.268 0.594 
90 0.455 1.075 0.262 0.587 








0 1.902 1.075 0.783 0.596 
30 1.912 1.072 0.804 0.605 
60 1.927 1.078 0.786 0.594 
90 1.819 1.075 0.748 0.587 








0 3.861 1.075 1.341 0.596 
30 3.880 1.072 1.384 0.605 
60 3.914 1.078 1.345 0.594 
90 3.638 1.075 1.263 0.587 









0 5.841 1.075 1.836 0.596 
30 5.871 1.072 1.901 0.605 
60 5.924 1.078 1.842 0.594 
90 5.457 1.075 1.715 0.587 









𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 1.306 0.978 0.754 0.654 
30 1.248 0.992 0.654 0.603 
60 1.208 1.095 0.555 0.618 
90 1.196 1.194 0.510 0.659 








0 5.919 0.978 2.730 0.654 
30 6.192 0.992 2.405 0.603 
60 7.006 1.095 2.117 0.618 
90 7.898 1.194 2.028 0.659 









0 99.00 0.00 7.364 0.654 
30 99.00 0.00 6.564 0.603 
60 99.00 0.00 5.942 0.618 
90 99.00 0.00 5.879 0.659 









0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 9.737 0.618 
90 99.00 0.00 9.785 0.659 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 































0 2.282 0.982 1.190 0.649 
30 1.712 0.945 0.912 0.594 
60 1.671 1.023 0.775 0.596 
90 1.779 1.121 0.721 0.624 








0 4.630 0.982 2.166 0.649 
30 3.454 0.945 1.642 0.594 
60 3.554 1.023 1.407 0.596 
90 4.012 1.121 1.328 0.624 





























0 1.508 1.045 0.662 0.569 
30 1.300 0.996 0.600 0.527 
60 1.130 0.941 0.583 0.524 
90 1.097 0.916 0.583 0.511 








0 2.951 1.045 1.104 0.569 
30 2.497 0.996 0.991 0.527 
60 2.126 0.941 0.967 0.524 
90 2.038 0.916 0.963 0.511 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 


























0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 











𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 









































0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 





























0 0.313 0.758 0.256 0.513 
30 0.307 0.722 0.254 0.501 
60 0.298 0.690 0.249 0.492 
90 0.291 0.686 0.243 0.477 








0 0.947 0.758 0.660 0.513 
30 0.893 0.722 0.642 0.501 
60 0.830 0.690 0.616 0.492 
90 0.805 0.686 0.594 0.477 








0 1.649 0.758 1.059 0.513 
30 1.522 0.722 1.021 0.501 
60 1.385 0.690 0.970 0.492 
90 1.337 0.686 0.929 0.477 









0 2.280 0.758 1.397 0.513 
30 2.079 0.722 1.340 0.501 
60 1.869 0.690 1.265 0.492 
90 1.799 0.686 1.206 0.477 









𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 0.475 0.647 0.391 0.521 
30 0.458 0.642 0.381 0.528 
60 0.409 0.632 0.342 0.518 
90 0.378 0.643 0.315 0.504 








0 1.456 0.647 1.116 0.521 
30 1.436 0.642 1.118 0.528 
60 1.304 0.632 1.022 0.518 
90 1.223 0.643 0.933 0.504 









0 3.454 0.647 2.502 0.521 
30 3.468 0.642 2.566 0.528 
60 3.188 0.632 2.374 0.518 
90 3.025 0.643 2.157 0.504 









0 5.222 0.647 3.683 0.521 
30 5.288 0.642 3.818 0.528 
60 4.889 0.632 3.554 0.518 
90 4.665 0.643 3.221 0.504 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 































0 0.709 0.640 0.571 0.520 
30 0.634 0.619 0.513 0.492 
60 0.566 0.604 0.465 0.486 
90 0.530 0.614 0.433 0.484 








0 1.190 0.640 0.930 0.520 
30 1.065 0.619 0.834 0.492 
60 0.947 0.604 0.755 0.486 
90 0.891 0.614 0.703 0.484 





























0 0.712 0.707 0.535 0.504 
30 0.651 0.669 0.508 0.500 
60 0.620 0.650 0.495 0.505 
90 0.547 0.601 0.449 0.481 








0 1.208 0.707 0.853 0.504 
30 1.098 0.669 0.815 0.500 
60 1.048 0.650 0.803 0.505 
90 0.893 0.601 0.712 0.481 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 


























0 99.00 0.00 7.664 1.063 
30 4.482 0.740 3.083 0.603 
60 3.163 0.630 2.870 0.618 
90 3.329 0.666 2.833 0.624 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 7.678 0.603 
60 7.994 0.630 7.356 0.618 
90 8.716 0.666 7.362 0.624 











𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 









































0 3.308 1.240 99.00 0.00 
30 5.787 1.512 99.00 0.00 
60 3.655 1.295 99.00 0.00 
90 3.420 1.270 99.00 0.00 








0 7.593 1.240 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 8.195 1.295 99.00 0.00 
90 7.508 1.270 99.00 0.00 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 





























0 0.185 0.585 0.269 0.471 
30 0.180 0.590 0.264 0.467 
60 0.172 0.600 0.252 0.484 
90 0.171 0.585 0.252 0.463 








0 0.415 0.585 0.543 0.471 
30 0.408 0.590 0.535 0.467 
60 0.392 0.600 0.516 0.484 
90 0.382 0.585 0.506 0.463 








0 0.621 0.585 0.771 0.471 
30 0.614 0.590 0.762 0.467 
60 0.591 0.600 0.739 0.484 
90 0.572 0.585 0.716 0.463 









0 0.786 0.585 0.947 0.471 
30 0.780 0.590 0.937 0.467 
60 0.752 0.600 0.911 0.484 
90 0.724 0.585 0.878 0.463 









𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 0.315 0.612 0.425 0.522 
30 0.289 0.633 0.396 0.522 
60 0.246 0.667 0.349 0.510 
90 0.223 0.668 0.327 0.467 








0 0.887 0.612 1.071 0.522 
30 0.810 0.633 0.975 0.522 
60 0.702 0.667 0.843 0.510 
90 0.630 0.668 0.756 0.467 









0 1.971 0.612 2.184 0.522 
30 1.791 0.633 1.956 0.522 
60 1.578 0.667 1.665 0.510 
90 1.405 0.668 1.443 0.467 









0 2.889 0.612 3.072 0.522 
30 2.620 0.633 2.728 0.522 
60 2.325 0.667 2.307 0.510 
90 2.063 0.668 1.966 0.467 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 































0 0.461 0.614 0.597 0.523 
30 0.400 0.599 0.526 0.508 
60 0.343 0.608 0.460 0.489 
90 0.312 0.596 0.426 0.448 








0 0.747 0.614 0.919 0.523 
30 0.639 0.599 0.799 0.508 
60 0.549 0.608 0.692 0.489 
90 0.495 0.596 0.629 0.448 





























0 0.339 0.714 0.461 0.462 
30 0.324 0.748 0.447 0.462 
60 0.315 0.797 0.440 0.474 
90 0.310 0.858 0.437 0.501 








0 0.551 0.714 0.671 0.462 
30 0.524 0.748 0.641 0.462 
60 0.524 0.797 0.637 0.474 
90 0.539 0.858 0.647 0.501 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 99.00 0.00 99.00 0.00 
30 6.138 0.561 9.993 0.669 
60 6.164 0.550 7.245 0.537 
90 99.00 0.00 99.00 0.00 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 


























0 4.018 1.226 3.010 0.876 
30 1.795 0.697 1.903 0.558 
60 1.890 0.750 1.925 0.581 
90 1.880 0.785 2.033 0.658 








0 99.00 0.00 7.764 0.876 
30 4.136 0.697 3.889 0.558 
60 4.622 0.750 4.066 0.581 
90 4.725 0.785 4.550 0.658 











𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 









































0 1.060 1.021 1.270 0.912 
30 1.105 1.075 1.318 0.960 
60 0.941 1.032 1.072 0.827 
90 0.704 0.711 0.883 0.639 








0 1.884 1.021 2.136 0.912 
30 2.006 1.075 2.258 0.960 
60 1.608 1.032 1.676 0.827 
90 1.067 0.711 1.292 0.639 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 





























0 0.228 0.637 0.245 0.560 
30 0.226 0.626 0.244 0.552 
60 0.221 0.616 0.238 0.544 
90 0.218 0.610 0.234 0.530 








0 0.533 0.637 0.618 0.560 
30 0.524 0.626 0.609 0.552 
60 0.505 0.616 0.587 0.544 
90 0.490 0.610 0.567 0.530 








0 0.816 0.637 0.982 0.560 
30 0.798 0.626 0.963 0.552 
60 0.762 0.616 0.920 0.544 
90 0.735 0.610 0.881 0.530 









0 1.047 0.637 1.287 0.560 
30 1.020 0.626 1.259 0.552 
60 0.970 0.616 1.197 0.544 
90 0.932 0.610 1.140 0.530 









𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 0.368 0.558 0.426 0.546 
30 0.344 0.555 0.394 0.539 
60 0.306 0.567 0.343 0.538 
90 0.282 0.583 0.312 0.535 








0 0.903 0.558 1.177 0.546 
30 0.852 0.555 1.099 0.539 
60 0.770 0.567 0.968 0.538 
90 0.718 0.583 0.882 0.535 









0 1.805 0.558 2.576 0.546 
30 1.718 0.555 2.425 0.539 
60 1.570 0.567 2.153 0.538 
90 1.479 0.583 1.965 0.535 









0 2.514 0.558 3.749 0.546 
30 2.402 0.555 3.543 0.539 
60 2.208 0.567 3.157 0.538 
90 2.090 0.583 2.884 0.535 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 































0 0.511 0.558 0.618 0.546 
30 0.457 0.543 0.544 0.527 
60 0.408 0.546 0.477 0.521 
90 0.378 0.558 0.435 0.516 








0 0.777 0.558 0.993 0.546 
30 0.697 0.543 0.877 0.527 
60 0.623 0.546 0.769 0.521 
90 0.579 0.558 0.700 0.516 





























0 0.437 0.612 0.494 0.498 
30 0.415 0.600 0.468 0.491 
60 0.406 0.591 0.459 0.490 
90 0.398 0.576 0.452 0.484 








0 0.663 0.612 0.772 0.498 
30 0.628 0.600 0.731 0.491 
60 0.615 0.591 0.720 0.490 
90 0.600 0.576 0.707 0.484 










𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 




























0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 








0 99.00 0.00 99.00 0.00 
30 99.00 0.00 99.00 0.00 
60 99.00 0.00 99.00 0.00 
90 99.00 0.00 99.00 0.00 


























0 4.529 1.161 5.032 1.061 
30 2.145 0.668 2.934 0.638 
60 2.002 0.637 2.874 0.643 
90 1.881 0.639 2.727 0.659 








0 99.00 0.00 99.00 0.00 
30 4.883 0.668 7.282 0.638 
60 4.590 0.637 7.335 0.643 
90 4.286 0.639 6.953 0.659 











𝐼𝑀 = 𝑃𝐺𝐴 𝐼𝑀 = 𝑆𝐴1 









































0 1.366 0.859 2.807 1.243 
30 1.457 0.912 2.899 1.267 
60 1.296 0.887 2.374 1.198 
90 1.142 0.840 2.037 1.151 








0 2.476 0.859 6.234 1.243 
30 2.666 0.912 6.407 1.267 
60 2.288 0.887 4.936 1.198 
90 1.954 0.840 4.083 1.151 
120 1.722 0.770 3.190 1.008 
 
